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Programme

Date: 21 March 2011 (Monday)
Venue: Chiang Chen Studio Theatre, The Hong Kong Polytechnic University
Time: 8:30 am (registration) for 9:00 am to 5:15 pm

Time Program Session
Chairmen
08:45 am | Registration
09:00 am | Welcoming Speech Ir C.K. Lau
Ir Dr. C.M. Koon
Chairman, Joint Structural Division, The Hong Kong Institution of
Engineers (HKIE) and The Institution of Structural Engineers (IStructE)
Lecture 1 | Brief of Chinese Code for Seismic Design of Buildings B50011-2010
09:30 am | professor Y.Y. Wang, Professor of CABR, National Master of Building
Design, main editor, Chinese Code for Seismic Design of Buildings.
11:00 am  Tea Break
Lecture 2 | Principles of seismic design with overview of Eurocode 8 Ir Dr. WT Chan
11:30 am | professor A. Y. Elghazouli, Professor of Structural Engineering, Head of
Structures Section, Department of Civil & Environmental Engineering,
Imperial College London, U.K.
Lecture 3 | Collapse modes of low-rise masonry infilled RC frame buildings under strong
12:15 am | earthquakes.
Dr. C.L. Lee, University of Hong Kong, HK
1:00 pm Lunch
Lecture 4 | Application of modern composite components in high-rise construction Ir Aldows Tang
2:15pm | 1r Dr. Goman Ho, Ove Arup and Partners Limited
Lecture 5 | Second-order plastic hinge analysis for seismic and static design of building
3:00 pm structures
Dr. Y.P. Liu & Prof. S.L. Chan, Hong Kong Polytechnic University, HK
3:45 pm Tea Break
Lecture 6 | Seismic Strengthening of reinforced concrete structures Ir Adam Choy
4:15 pm Ir Dr.S.S. Lam, Hong Kong Polytechnic University, Hong Kong
5:00 pm | Closing remarks

Ir Prof. Paul Pang

Chairman of Sub-Committee of IStructE Matters in HK, Past Chairman of

Joint Structural Division of HKIE and and IStructE

5:15 pm

End
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Message from Chairman of the Structural Division of HKIE

I have great pleasure in handing this symposium proceeding to you. The Hong Kong
Institute of S teel C onstruction (HKISC) hasbe en organizing seminars and

symposiums on va rious s ubjects, w hich he Ip practicing engineers a nd e ngineering
students, not only to enrich their knowledge, but also to broaden their approach to

building design. It makes the process of design and analysis enjoyable and creative.

The HKISC is having its s ymposium on “2nd C ontemporary Seismic E ngineering
20117, which is very timely, relevant, and of concern to every one ofus. The 6.3
magnitude earthquake on 22 F ebruary 201 1 r ocked New Z ealand’s C hristchurch,
causing widespread damage and took away over 200 lives. The 5.4 magnitude Yunnan
earthquake on 10 March 2011 caused 25 people died and 250 injured. On the next day,
11 March 2011, the biggest 9.0 magnitude earthquake to hit Japan on record struck the
northeast coast, triggering a 10-metre tsunami that swept away everything in its path,
including houses, ships, cars and caused farm buildings on fire. The actual casualties

are yet known and may be more than 25 000 people.

The theme of this year’s symposium is uniquely positioned at the crossroads between
basic sci ence research and pr acticality of s eismic e ngineering, ready to us e n ew
knowledge gl eaned from the a dvancement of know ledge a nd scientific discove ry.
Classical and modern philosophical concepts of seismic engineering will be discussed
along w ith evidential findings a nd applications. This s ymposium is facilitated by
experts in their chosen field and will inspire you to have a better unde rstanding on

structural responses in quake.

I congratulate the HKISC in particular the Organizing Committee on selecting such an
important and timely topic. I also welcome all delegates and speakers who have come

from China and Hong Kong.

KOON Chi Ming
Chairman
Structural Division of HKIE
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ABSTRACT

This paper provides an overview of the main principles of seismic design for
buildings with particular emphasis on the guidance provided in the European seismic
code of practice, Eurocode 8. After giving a brief introduction to previous
developments and current considerations in seismic design, the fundamental
approaches and key provisions employed in Eurocode 8 are summarised. Typical
procedures for determining seismic actions are presented including recommended
response spectra. In addition, general requirements for the design of buildings, such as
the implementation of capacity design, assessment of regularity, and considerations
related to stiffness, are highlighted. The paper also outlines the principal features for
the design of reinforced concrete and steel structures according to the European
seismic code.

Keywords: Earthquake loading; Seismic design; Capacity design; reinforced concrete
structures; steel structures; Eurocode 8.
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1. INTRODUCTION

Design requirements for lateral loads, such as wind or earthquakes are fundamentally
different to those for gravity (dead and live) loads. Whilst design for wind loads may
be a primary requirement, due to the frequency of the loading scenario, earthquake
design may have to deal with relatively rare events. It may therefore be highly
uneconomical to design structures to resist earthquake forces for the same level of
internal stress used for wind design.

The first concepts for structural design in seismic areas were developed from
experience gained in major events such as the San Francisco earthquake in 1906 and
the Messina earthquake in 1908. At the very beginning, in the absence of
experimental data, the method used was to design structures to withstand uniform
horizontal accelerations of the order of 0.1g. After the Long Beach earthquake in
1933, experimental data showed that ground accelerations could be much higher, even
in excess of 0.5g. Consequently, the resistance of certain structures could be
explained only by the energy dissipation which occurred by response well into the
inelastic range.

The ‘second generation’ of codes took into account the amplification due to the
dynamic behaviour of the structures as well as indirectly the energy dissipation.
However, such approaches remained rather elementary and did not appropriately
differentiate between the behaviour of the various materials and types of lateral
resisting systems. On the other hand, current ‘third generation’ of codes makes it
possible to specify appropriate mechanisms for utilising energy dissipation, according
to the type of lateral resistance and the type of structural material used. It also widens
the scope of codes, for instance by dealing with geotechnical aspects. Moreover,
current rules typically take into account the semi-probabilistic approach for
verification of safety [1]. The emergence of displacement-based analysis methods
makes it possible to foresee an evolution towards a ‘fourth generation’ of seismic
design codes, where the various components of the seismic behaviour would be better
controlled, in particular those which relate to energy dissipation.
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Figure I Seismic performance levels and objectives [2]

Modern trends utilise a number of performance targets, as opposed to design force
levels, to control the level of damage inflicted on structures by earthquakes. In this
context, ‘performance-based seismic design’ may be considered as a framework
relating specific seismic hazard levels to carefully selected performance targets with
defined levels of reliability and consequences. By definition, it requires a proper
assessment of seismic hazard and detailed simulation of structural response, to realise
its benefits. It also calls for involvement and decisions by owner/community with
consideration of aspects of life safety/business disruption/repair costs within the
nominal life time of the structure. However, performance-based design approaches
have not yet been fully incorporated as such in codes of practice, with the level of
implementation varying from one code to the other — an example of performance
objectives and design levels for buildings, as defined by SEAOC [2] are depicted in
Figure 1. However, even single design scenario codes purport to satisfy other limit
states by recommending a number of checks on the structure resulting from the design
process.

Table 1  Parts of Eurocode 8

Title Reference

Part 1: General Rules, Seismic Actions and Rules for Buildings |EN 1998-1

Part 2: Bridges EN 1998-2
Part 3: Assessment and Retrofitting of Buildings EN 1998-3
Part 4: Silos, Tanks and Pipelines EN 1998-4

Part 5: Foundations, Retaining Structures & Geotechnical Aspects |EN  1998-5

Part 6: Towers, Masts and Chimneys EN 1998-6
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This brief paper provides an overview of the main seismic design principles with
particular emphasis on the provisions adopted in the recent European seismic design
code [3], Eurocode 8, or EC8 for short. As indicated in Table 1, EC8 comprises six
parts relating to different types of structures. Parts 1 and 5 form the basis for the
seismic design of new buildings and its foundations; their rules are aimed both at
protecting human life and also limiting economic loss. For brevity, this paper only
summarises selected fundamental concepts covered within a number of sections
within Part 1: General Rules, Seismic Actions and Rules for Buildings [3]. Particular
focus is given to several main aspects within Sections 1-6 of Part 1 of ECS8, covering
loading and spectra, general considerations for buildings, and an outline of the
underlying principles for the design of reinforced concrete and steel structures.

2. LOADING AND SPECTRA

Seismic analysis is normally a two-stage process: first estimating the dynamic
properties of the structure (natural frequencies and mode shapes) by analysing it in the
absence of external loads, then using these properties in the determination of
earthquake response. Economical seismic design for severe events often entails
non-linear response in structures. However, most practical seismic design continues to
be based on linear analysis. The effect of non-linearity is generally to reduce the
seismic demands on the structure, and this is normally accounted for by a simple
modification to the linear analysis procedure. This section is limited to these
simplified approaches, yet more detailed information on other seismic analysis
procedures can be found elsewhere [1].

Figure 1 shows the elastic response spectra defined by Eurocode 8. ECS specifies
two categories of spectra: Type 1 for areas of high seismicity (defined as Mg > 5.5),
and Type 2 for areas of moderate seismicity (M < 5.5). Within each category, spectra
are given for five different soil types: A —rock; B — very dense sand or gravel, or very
stiff clay; C — dense sand or gravel, or stiff clay; D — loose-to-medium cohesionless
soil, or soft-to-firm cohesive soil; E — soil profiles with a surface layer of alluvium of
thickness 5 to 20 m. The vertical axis is the peak, or spectral acceleration of the
elastic structure, denoted by S,, normalised by a,, the design peak ground acceleration
on Type A ground. The spectra are plotted for an assumed structural damping ratio of
5%.

16



So/a,

So/ag

NS
\

-
N
w
o
-
N

Period (s} Period (s)
Type 1 Type 2
Figure2  ECS8 Type 1 and Type 2 elastic spectra (shown for 5% damping)

The underlying method of analysis in ECS is the spectral modal analysis procedures,
for which details can be found elsewhere [1], together with a description of other
methods such as nonlinear static (push-over) analysis and time-history analysis. As
with other codes, for structures satisfying a set of regularity criteria specified in ECS,
it can reasonably be assumed to be dominated by a single (normally the fundamental)
mode and a simple static analysis procedure can be used which involves only minimal
consideration of the dynamic behaviour. In this case, the period of the fundamental
mode 7 is estimated — usually by simplified approximate methods given in EC8
rather than a detailed dynamic analysis.

For the calculated structural period, the spectral acceleration S, can be obtained from
the design response spectrum. The base shear F}, is then calculated as:

F, = AmS, (1)

where m is the total mass; A takes the value 0.85 for buildings of more than two
storeys with 77< 27¢, and 1s 1.0 otherwise. The total horizontal load is then distributed
over the height of the building in proportion to (mass x mode shape). For simple
regular buildings, EC8 permits the assumption that the first mode shape is a straight
line (i.e. displacement is directly proportional to height). This leads to a storey force
at level k given by:

/ 2

where z represents storey height. Finally, the member forces and deformations can be
calculated by static analysis.
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To make use of ductility requires the structure to respond non-linearly. As in other
codes, and for relatively regular structures, a ductility-modified response spectrum
can be used such that linear analysis can be retained in design and more complex
dynamic analysis procedures are avoided. This procedure requires the use of the
behaviour factor (referred to as force reduction or forced modification factor in other
seismic codes), which can be defined as the peak force that would be developed in the
system if it responded elastically, to the yield load of the system.
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Figure 3 ECS8 design response spectra (shown for Type 1 spectrum, Soil Type C)

In ECS, this is implemented within the design spectrum, S,;. For example, Figure 3
shows EC8 design spectra based on the Type 1 Spectrum and Soil Type C, for a range
of behaviour factors. Over most of the period range (for 7 > Tg) the spectral
accelerations S, (and hence the design forces) are a factor of ¢ times lower than the
values S, for the equivalent elastic system. Clearly, after calculating displacements
using the design spectrum within an elastic analysis procedure, these must be
magnified to account for the inelastic deformations that would occur in the structure.

3. GENERAL REQUIREMENTS FOR BUILDINGS

3.1 Fundamental Principles

There are two main fundamental requirements in EC8. The first is to meet a ‘no
collapse’ performance level, which requires that the structure retains its full vertical
load bearing capacity after an earthquake with a recommended return period of 475
years (probability of exceedence of 10% in 50 years); longer return periods are given
for special structures, for example casualty hospitals or high risk petrochemical
installations. After this earthquake, there should also be sufficient residual lateral
strength and stiffness to protect life even during strong aftershocks. The second main
requirement is to meet a ‘damage limitation’ performance level, which requires that
the cost of damage and associated limitations of use should not be disproportionately
high, in comparison with the total cost of the structure, after an earthquake with a
recommended return period (for normal structures) of 95 years (probability of
exceedence of 10% in 10 years).
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At a conceptual design stage, six general guiding principles are given ECS8 Part 1: (i)
structural simplicity; (i1) uniformity, symmetry and redundancy; (iii) bi-directional
resistance and stiffness; (iv) torsional resistance and stiffness; (v) adequacy of
diaphragms at each storey level; (vi) adequate foundations. More detailed information
on these aspects can be found elsewhere [1].

3.2 Siting Considerations

Within an area of uniform regional hazard, the level of expected ground shaking is
likely to vary strongly, and so is the threat from other hazards related to seismicity,
such as landslides or fault rupture. The most obvious cause of local variation in
hazard arises from the soils overlying bedrock, which affect the intensity and period
of ground motions. It is not only the soils immediately below the site which affect the
hazard; the horizontal profiles of soil and rock can also be important, due to ‘basin
effects’. Topographic amplification of motions may be significant near the crest of
steep slopes. Fault rupture, slope instability, liquefaction, and shakedown settlement
are other hazards associated with seismic activity which may also need to be
considered.

By ensuring that these potential hazards at a site are identified, the designer can take
appropriate actions to minimise those hazards. In some cases, the choice of a
different site may be the best approach is feasible, for example to avoid building on an
unstable slope or crossing a fault assessed as potentially active. If the hazard cannot
be avoided, appropriate design measures must be taken to accommodate or mitigate it.
For example, ground improvement measures may be one option for a site assessed as
susceptible to liquefaction, and suitable articulation to accommodate fault movements
may be possible for extended structures such as pipelines and bridges.

3.3 Regularity in Plan and Elevation

EC8 Part 1 sets out quantified criteria for assessing structural regularity,
complementing the qualitative advice on symmetry and uniformity. Irregular
configurations are allowed by ECS, but lead to more onerous design requirements.

A classification of ‘non-regularity’ in plan requires the use modal analysis, as
opposed to equivalent lateral force analysis, and generally a 3D as opposed to a 2D
structural model. For a linear analysis, a 3D model may usually be chosen for
convenience, even for regular structures. However, a non-linear static (pushover)
analysis becomes much less straightforward with 3D analysis models, and should be
used with caution if there is plan irregularity, because of the difficulty in capturing
coupled lateral-torsional modes of response. Other consequences of non-regularity in
plan are the need to combine the effects of earthquakes in the two principal directions
of a structure and for certain structures (primarily moment frame buildings) the q
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factor must be reduced. Moreover, in ‘torsionally flexible’ concrete buildings, the q
value is reduced to 2 for medium ductility and 3 for high ductility, with a further
reduction of 20% if there is irregularity in elevation. A classification of ‘non-regular’
in elevation also requires the use of modal analysis, and leads to a reduced q factor,
equal to the reference value for regular structures reduced by 20%.

According to ECS, classification as regular in plan requires the following: (i) nearly
symmetrical distribution of mass and stiffness in plan; (i1) a compact shape, i.e. one in
which the perimeter line is always convex, or at least encloses not more than 5%
re-entrant area, as indicated in Figure 4; (iii) the floor diaphragms shall be sufficiently
stiff in-plane not to affect the distribution of lateral loads between vertical elements -
EC8 warns that this should be carefully examined in the branches of branched
systems, such as L, C, H, I and X plan shapes; (iv) the ratio of longer side to shorter
sides in plan does not exceed 4; (v) limits on the torsional radii in both planar
directions must satisfies specified limits with respects to the eccentricity between
centres of stiffness and mass in both directions; (vi) the torsional radii must exceed
the radius of gyration, otherwise the building is classified as ‘torsionally-lexible’, and
the q values particularly for concrete buildings are greatly reduced. Further

information is available in EC8 [3] and in a recent design manual produced by
[StructE [4].

Flan shape can be classliied as ‘compact IF
Blid=005 amd B2A=Q08

Figure 4 Definition of compact shapes in plan according to EC8

For the regularity in elevation, a building should satisfy the following according to
ECS8: (i) all the vertical load resisting elements must continue uninterrupted from
foundation level to the top of the building, or where setbacks are present to the top of
the setback; (i1) mass and stiffness must either remain constant with height or reduce
only gradually, without abrupt changes; (iii) in buildings with moment-resisting
frames, the lateral resistance of each storey should not vary disproportionately
between storeys; (iv) buildings with setbacks are generally irregular, but may be
classified as regular if less than limits defined in the code — in general, a total
reduction in width from top to bottom on any face not exceeding 30%, with not more
than 10% at any level compared to the level below, would conform; however, an
overall reduction in width of up to half is permissible within the lowest 15% of the
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height of the building. Further details on regularity criteria is available in EC8 [3] and
in the design manual produced recently by IStructE 43].

3.4 Capacity Design

EC8 contains specific design measures for ensuring that structures meet the
performance requirements of the code. These apply to all structures, not just
buildings, and a crucial requirement concerns capacity design, which determines
much of the content of the material specific rules for concrete, steel and composite
buildings in sections 5, 6 and 7 of EC8 Part 1. EC8 [1,3] states clearly that ‘in order to
ensure an overall dissipative and ductile behaviour, brittle failure or the premature
formation of unstable mechanisms shall be avoided. To this end, where required in the
relevant Parts of ECS, resort shall be made to the capacity design procedure, which is
used to obtain the hierarchy of resistance of the various structural components and
failure modes necessary for ensuring a suitable plastic mechanism and for avoiding
brittle failure modes.

The principle of capacity design is illustrated in Figure 5. The idea is that the ductile
link yields at load which is well below the failure load of the brittle links. Although
most building structures are somewhat less straightforward than the chain idealisation,
one of the main merits of the capacity design principle is that it relies on simple static
analysis to ensure good performance, and is not dependent on the complexities of
dynamic analysis.
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Figure 5  Idealised illustration of the capacity design concept

Ensuring that columns are stronger than beams in moment frames, concrete beams are
stronger in shear than in flexure and steel braces buckle before columns are three
examples of capacity design requirements. A general rule for all types of frame
building given in EC8 is that the moment strength of columns connected to a
particular node in RC moment frames be 30% greater than the moment strength of the
beams:

> My 213> M,, 3)

One feature of capacity design is that it ensures that designers identify clearly which
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parts of the structure will yield in a severe earthquake (the “critical” regions) and
which will remain elastic.

3.5  Primary and Secondary Members

EC8 distinguishes between primary and secondary elements. Primary elements are
those which provide the main contribution to the seismic resistance of the structure.
Some structural elements can however be designated as ‘secondary’ elements, which
are taken as resisting gravity loads only. Their contribution to seismic resistance is
typically neglected. These elements must be shown to be capable of maintaining
their ability to support the gravity loads under the maximum deflections occurring
during the design earthquake. This may be performed by showing that the actions
(moments, shears, axial forces) that develop in them under the calculated seismic
deformations do not exceed their design strength, as determined as other non-seismic
loading conditions. Otherwise, no further seismic design or detailing requirements
are required.
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Figure 6  Example of primary and secondary elements in plan

An example of the use of secondary elements occurs in a frame building is depicted in
Figure 6. The perimeter frame is considered as the primary seismic resisting element,
and is designed for high ductility while the internal members are considered
secondary. This gives considerable architectural freedom for the layout of the
internal spaces; the column spacing can be much greater than would be efficient in a
moment resisting frame, while closely spaced columns on the perimeter represents
much less obstruction.

3.6 Stiffness Considerations

Apart from its major influence in determining the magnitude of inertial loads,
structural stiffness is important in meeting the damage limitation provisions of EC8
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and in assessing the significance of P-9 effects. Both effectively place limits on storey
drift, the former explicitly albeit for a lower return period earthquake, and the latter
implicitly through the inter-storey drift sensitivity coefficient, 0. In both cases, the
relative displacements between storeys, d,, if obtained from a linear analysis, should
be multiplied by a displacement behaviour factor qq. When the period of response of
the structure is greater than Tc¢ (i.e. on the constant displacement or constant velocity
portion of the response spectrum), qq is equal to the behaviour factor g, so that the
plastic displacement is equal to the elastic displacement obtained from the unreduced
input spectrum. However, qq exceeds q at lower periods as defined in Appendix B of
the code.

In calculating displacements, EC8 requires that the flexural and shear stiffness of
concrete structures reflect the effective stiffness consistent with the level of cracking
expected at the initiation of yield of the reinforcement. If the designer does not take
the option of calculating the stiffness reduction directly through push-over analysis,
for example, the code allows the effective stiffness to be based upon half of the gross
section stiffness to account for softening of the structure at the strain levels consistent
with reinforcement yield. It is acknowledged that the true stiffness reduction would
probably be greater than this but the value chosen is a compromise; lower stiffness
being more onerous for P- § effects but less onerous for calculation of inertial loading
on the structure. The EC8 approach, whilst similar to performance-based
methodologies elsewhere, differs in applying a uniform stiffness reduction
independent of the type of element considered. Paulay and Priestley [5] proposes
greater stiffness reductions in beams than in columns, reflecting the weak beam/strong
column philosophy and the beneficial effects of compressive axial loads.

Checks on damage limitation aim to maintain the maximum storey drifts below
limiting values set between 0.5% and 1% of the storey height, dependent upon the
ductility and fixity conditions of the non-structural elements. The amplified
displacements for the design earthquake are modified by a reduction factor, v , of
either 0.4 or 0.5, varying with the Importance Class of the building, to derive the
displacements applicable for the more frequent return period earthquake considered
for the damage limitation state.

The inter-storey drift sensitivity coefficient, 0, used to take account of P-6 effects, is
defined as:

0= (Ptot dr) / (Vtot h) (4)

Py 1s the total gravity load at and above the storey, Vi, the cumulative seismic shear
force acting at each storey and h the storey height. If the maximum value of 6 at any
level is less than 0.1, then P-6 effects may be ignored. If 6 exceeds 0.3, then the frame
is insufficiently stiff and an alternative solution is required. For values of 6 between
0.1 and 0.2, an approximate allowance for P-6 effects may be made by increasing the
analysis forces by a factor of 1/(1-0) whilst, for values of 6 of between 0.2 and 0.3, a
second order analysis is required.
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4. MAIN FEATURES OF REINFORCED CONCRETE DESIGN TO EC8

4.1 Design Concepts

This section introduces few of the main features of seismic design of RC structures in
EC8 (Section 5 of Part 1). It is beyond the scope of this brief paper to discuss these
design aspects in detail. As noted earlier, EC8 aims to ensure life safety in a large
earthquake together with damage limitation following a more frequent event. Whilst
the code allows these events to be resisted by either dissipative (ductile) or
non-dissipative (essentially elastic) behaviour, there is a clear preference for resisting
larger events through dissipative behaviour. Hence, much of the code is framed with
the aim of ensuring stable, reliable dissipative performance in pre-defined ‘critical
regions’. The design and detailing rules are formulated to reflect the extent of the
intended plasticity in these critical regions, with the benefits of reduced inertial loads
being obtained through the penalty of more stringent layout, design and detailing
requirements. This is particularly the case for reinforced concrete structures where
such performance can only be achieved if strength degradation during hysteretic
cycling is suppressed by appropriate detailing of these critical zones to ensure that
stable plastic behaviour is not undermined by the occurrence of brittle failure modes
such as shear or compression in the concrete or buckling of reinforcing steel.

In light of the above discussion, three dissipation classes are introduced:

- Low (DCL) in which virtually no hysteretic ductility is intended and the resistance
to earthquake loading is achieved through the strength of the structure rather than
its ductility.

- Medium (DCM) in which quite high levels of plasticity are permitted and
corresponding design and detailing requirements are imposed.

- High (DCH) where very large inelastic excursions are permitted accompanied by
even more onerous and complex design and detailing requirements.

ECS8 classifies concrete buildings into the following structural types:
- Frame system

- Dual system which may be either frame or wall equivalent

- Ductile wall system

- System of large lightly reinforced walls

- Inverted pendulum system

- Torsionally flexible system

Apart from torsionally flexible systems, buildings may be classified as different
systems in the two orthogonal directions.
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Frame systems are defined as those systems where moment frames carry both vertical
and lateral loads and provide resistance to 65% or more of the total base shear.
Conversely, buildings are designated as wall systems if walls resist 65% or more of
the base shear. Walls may be classed as either ductile walls, which are designed to
respond as vertical cantilevers yielding just above a rigid foundation, or as large
lightly reinforced walls. Ductile walls are further subdivided into coupled or
uncoupled walls. Coupled walls comprise individual walls linked by coupling beams,
resisting lateral loads through moment and shear reactions in the individual walls
together with an axial tensile reaction in one wall balanced by an axial compressive
reaction in the other to create a global moment reaction. The magnitude of these axial
loads is limited by the shear forces that can be transferred across the coupling beams.
In order to qualify as a coupled wall system, the inclusion of coupling beams must
cause at least a 25% reduction in the base moments of the individual walls from that
which would have occurred in the uncoupled case. As coupled walls dissipate energy,
not only in yielding at the base but also in yielding of the coupling beams, buildings
with coupled walls may be designed for lower inertial loads than buildings with
uncoupled walls to reflect their greater ductility and redundancy.

Large lightly reinforced walls are a category of structure introduced in EC8 and not
found in other national or international seismic codes. These walls are assumed to
dissipate energy, not through hysteresis in plastic hinges, but by rocking and uplift of
the foundation, converting kinetic energy into potential energy of the structural mass
and dissipating this through radiation damping. The dimensions of these walls or their
fixity conditions or the presence of stiff orthogonal walls effectively prevent plastic
hinging at the base. These provisions are likely to find wide application in heavy
concrete industrial structures.

Dual systems are structural systems in which vertical loads are carried primarily by
structural frames but lateral loads are resisted by both frame and wall systems. From
the earlier definitions, it is clear that, to act as a dual system, the frame and wall
components must each carry more than 35% but less than 65% of the total base shear.
When more than 50% of the base shear is carried by the frames, it is designated a
frame-equivalent dual system. Conversely, it is termed a wall-equivalent dual system
when walls carry more than 50% of the base shear.

Torsionally flexible systems are defined as those systems where the radius of gyration
of the floor mass exceeds the torsional radius in one or both directions. An example of
this type of system is a dual system of structural frames and walls with the stiffer
walls all concentrated near the centre of the building on plan.

Inverted pendulum systems are defined as systems where 50% of the total mass is
concentrated in the upper third of the height of the structure or where energy
dissipation is concentrated at the base of a single element. A common example would
normally be one storey frame structures. However, single storey frames are
specifically excluded from this category provided the normalised axial load does not
exceed 0.3.
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4.2 Behaviour Factors

Table 2 shows the basic values of q factors for reinforced concrete buildings. These
are the factors by which the inertial loads derived from an elastic response analysis
may be reduced to account for the anticipated non-linear response of the structure,
together with associated aspects such as frequency shift, increased damping,
overstrength and redundancy. The factor, /oy, represents the ratio between the lateral
load at which the ultimate capacity occurs and that at which first yield occurs in any
member. Default values of between 1.0 and 1.3 are given in the code with an upper
limit of 1.5. Higher values than the default figures may be utilised but need to be
justified by push-over analysis.

Table 2 Basic value of behaviour factor, qo, for RC systems regular in elevation
Structural Type DCM DCH
Frame system, dual system, coupled wall system 3.0a,/0q4 |4.50,/04
Uncoupled wall system 3.0 4.00,/0y
Torsionally flexible system 2.0 3.0
Inverted pendulum system 1.5 2.0

For walls or wall-equivalent dual systems, the basic value of the behaviour factor then
needs to be modified by a factor, ky, = (1 + 09)/3  where ay is the prevailing aspect
ratio, hy/ly, of the walls; ky, accounts for the prevailing failure mode of the wall, the q
factors being reduced on squat walls where more brittle shear failure modes tend to
govern the design. A lower limit of 0.5 is placed on k,, for walls with an aspect ratio
of 0.5 or less, with the basic q factor being applied unmodified to walls with an aspect
ratio of 2 or more.

The basic qo factors tabulated are for structures which satisfy the EC8 regularity
criteria, the basic factors needing to be reduced by 20% for structures which are
deemed to be irregular in elevation according to the criteria given in EC8 [3,4].

4.3 Local Ductility and Detailing Provisions

EC8 design rules take account of the fact that, to achieve the global response
reductions consistent with the q factor chosen, much greater local ductility has to be
available within the critical regions of the structure. Design and detailing rules for
these critical regions are therefore formulated with the objective of ensuring that: (1)
sufficient curvature ductility is provided in critical regions of primary elements, and
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(i1) local buckling of compressed steel within plastic hinge regions is prevented.

This is fulfilled by special rules for confinement of critical regions, particularly at the
ends of beams and columns, within beam/column joints and in boundary elements of
ductile walls, which depend, in part, on the local curvature ductility factor pe. This is
related to the global q factor as follows:

Ho = 2q0 -1 lle >Tc (5)

Ho = 1+ 2(q0 — I)Tc/Tl if Ty <Tc¢ (6)

where q is the basic behaviour factor shown in Table 2 before any reductions are
made for lack of structural regularity or low aspect ratio of walls. T; is the
fundamental period of the building and T¢ is the period at the upper end of the
constant acceleration zone of the input spectrum as shown in Figure 2. Additionally, if
Class B reinforcement is chosen rather than Class C in DCM structures, the value of
Lo should be at least 1.5 times the value given by the above equations.

Several detailing provisions in EC8 revolve around the inclusion of transverse
reinforcement to provide a degree of triaxial confinement to the concrete core of
compression zones and restraint against buckling of longitudinal reinforcement. As
confinement increases the available compressive capacity, in terms of both strength
and more pertinently strain, increases, and it has direct benefits in assuring the
availability of local curvature ductility in plastic hinge regions. Figure 7 depict
relationships for increased compressive strength and available strain associated with
triaxial confinement. These indicate that for the minimum areas of confinement
reinforcement, the ultimate strain available would be between about 2 and 4 times that
of the unconfined situation, dependent on the effectiveness of the confinement
arrangement [3, 4].
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Figure 7 Stress strain relationships for confined concrete
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To reflect the above, specific detailing rules are typically required in the critical
regions of beams, where plastic flexural hinges are expected to form. These are
defined as the region extending a specific length away from the face of the support, as
indicated for example in Figure 8. Typical rules include maximum and minimum
ratios for the main (longitudinal) reinforcement, and minimum diameter and spacing
for the hoop (transverse) reinforcement.
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Figure 8  Example of transverse reinforcement requirements in beams to EC8 [1]
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Figure 9  Example of typical column detailing requirements to EC8 [1]

Requirements are also typically given for columns, where a critical region is defined
in which specific detailing requirements of ductility, in terms of longitudinal and
transverse reinforcement as well as anchorage/splicing, need to be considered, as
indicated for example in Figure 9. Another important consideration in columns is that
the normalised axial compression force (v4) should be limited to a specified value (0.6
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in DCM and 0.55 in DCH). Specific rules are also given for beam-column joints;
these are generally straightforward in DCM, but are much more demanding in DCH.

ECS8 additionally provides specific rules for reinforced concrete walls. The rules cover
slender walls, where the height is at least twice the wall width at its base. The code
also covers squat shear walls, coupled shear walls, dual or frame-wall structures and
large lightly reinforced walls. In ductile walls, the member is required to yield in
bending, at a level of the wall that has been provided with suitable detailing, and this
yielding in flexure must occur before shear failure occurs. In most cases, flexural
yielding will be chosen to occur at the base of the wall, requiring that premature
bending failure should not first occur in the upper part of the wall. To achieve this
EC8 requires that the upper portions of the wall have suitable excess bending strength,
by requiring design for possible ‘tension shift’. As in columns, a limit is also imposed
on vq4 (0.4 in DCM and 0.35 in DCH). Special confining reinforcement is required in
‘boundary elements’ to sustain the large compressive strains due to flexure. EC8
requires this to extend over the length of wall for which the concrete strain exceeds
0.35%; appropriate expressions for calculating this length are provided. The height of
wall over which the special confinement steel is required is also defined. Otherwise,
the confinement steel follows similar rules to those for confinement in columns.

More detailed information on the design of reinforced concrete structures to EC8 can
be found elsewhere [1,4].

S. MAIN FEATURES OF STEEL DESIGN TO EC8

5.1  Structural Types and Behaviour Factors

There are essentially three main structural steel frame systems used to resist
horizontal seismic actions, namely moment resisting, concentrically braced and
eccentrically braced frames. Other systems such as hybrid and dual configurations can
be used and are referred to in EC8. It should also be noted that other configurations
such as those incorporating buckling restrained braces or special plate shear walls,
which are covered in the most recent North American Provisions, are not directly
addressed in the current version of ECS.

As noted before, unless the complexity or importance of a structure dictates the use of
non-linear dynamic analysis, regular structures are designed using the procedures of
capacity design and specified behaviour factors. These factors (also referred to as
force reduction factors) are recommended by codes of practice based on background
research involving extensive analytical and experimental investigations. Table 3
shows the main structural types together with the associated dissipative zones
according to the provisions and classification of EC8. The upper values of ¢ allowed
for each system, provided that regularity criteria are met, are also shown in Table 3.
The ability of the structure to dissipate energy is quantified by the behaviour factor;
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the higher the behaviour factor, the higher is the expected energy dissipation as well
as the ductility demand on critical zones.

g-factor
DCM DCH

Structural Type

Momen:-Resisting Frames

- .
4 ooy
P :

e = e P
dyci1=1.2 (1 bay)
oty'0=1.3 (multi-bay)

dissipative zones in beams and column bases

ay'on=1.1

Concentrically-Braced Frames

/ \ 4 4
b N e o
dissipative zones in tension diagenals
V-Braced Fra_mes
2 25
//\
A XM my

dissipative zones i tension and compression diagonals

Frames with K-bracings

o - [
— o
T— ’_/-F i
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— - . . -
= = dissipative design
- =
b _‘_—_‘:\-\-\--H
= —
T— ’—/
Pl Pl AT

Eccentrically-Braced Frames
: 4 ooy
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oy fa=1.2
dissipative zones i bending or shear imks

Table 3 Structural types and behaviour factors for steel structures in EC8

(continued below)
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g-factor
Structural Type
e DCM DCH
Inverted Pendulum Structures
L L ]
2 2oty
[ ] LJ
STFPITT STPPTFT
o,/ =1.0 o /o=1.1
dissipative zones in column base, or column ends (Ngg/Nypa=0.3)
Mowmeni-Resistng Frames with Concentiie Bracing
4 oo
. ><w ko b e L
Oyet=1.2
dissipative zones in moment frame and tension diagonals
Moment Frames with Infills
Unconnected concrete or masonry ) 5
nfills, in contact with the frame -
Connected reinforced concrete infills See concrete rules
Infills isolated from moment frame 4 Soyon
Structures with Concrete Cores or Walls
See concrete rules
v e

Table 3 (continued) Structural types and behaviour factors
for steel structures in EC8

The multiplier «,/c; depends on the failure/first plasticity resistance ratio of the
structure. A reasonable estimate of this value may be determined from conventional
nonlinear ‘push-over’ analysis, but should not exceed 1.6. In the absence of detailed
calculations, the approximate values of this multiplier given in Table 3 may be used.
If the building is irregular in elevation, the listed values should be reduced by 20%, as
noted before.

The values of the structural behaviour factor given in the code should be considered
as an upper bound even if in some cases non-linear dynamic analysis indicates higher
q factors. For regular structures in areas of low seismicity having standard structural
systems with sections of standard sizes, a behaviour factor of 1.5-2.0 may be adopted
(except for K-bracing) by satisfying only the resistance requirements of Eurocode 3.

Although a direct comparison between codes can only be reliable if it involves the full
design procedure, the reference ¢ factors in EC8 appear generally lower than R values
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in US provisions for similar frame configurations. It is also important to note that the
same force-based behaviour factors (g) are proposed as displacement amplification
factors (gy4). This is not the case in US provisions where specific seismic drift
amplification factors (C,) are suggested; these values are generally lower than the
corresponding R factors for all frame types.

5.2 Ductility Classes and Rules for Cross-Sections

To achieve some consistency with other parts of the code, the most recent version of
EC8 explicitly addresses the three ductility classes, namely DCL, DCM and DCH
referring to low, medium and high dissipative structural behaviour, respectively. For
DCL, global elastic analysis and the resistance of the members and connections may
be evaluated according to EC3 without any additional requirements. The
recommended reference ‘g’ factor for DCL is 1.5-2.0. For buildings which are not
seismically isolated or incorporating effective dissipation devices, design to DCL is
only recommended for low seismicity situations. In contrast, structures in DCM and
DCH need to satisfy specific requirements primarily related to ensuring sufficient
ductility in the main dissipative zones. Some of these requirements are general rules
that apply to most structural types whilst others are more relevant to specific
configurations.

Ductility Class | Reference g-factor | Cross-Section Class
DCM 1.5<q<2 Class 1,2 0r 3
2.0<q<4 Class 1 or 2
DCH q>4 Class 1

Table 4  Cross-section requirements based on ductility class and reference g-factor

M A
Class 1 - Plastic
Myt — — -
Class 2 - Compact
M4+ -

Class 3 - Semi-Compact

Class 4 - Slender

>
0

Figure 10 Moment-rotation characteristics for different cross section classes
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The application of a behaviour factor larger than 1.5-2.0 must be coupled with
sufficient local ductility within the critical dissipative zones. For elements in
compression or bending (under any seismic loading scenario), this requirement is
ensured in EC8 by restricting the width-to-thickness (b/t) ratios to avoid local
buckling. An increase of b/t ratio results in lower element ductility due to the
occurrence of local buckling (as illustrated in Figure 10) leading to a reduction in the
energy dissipation capacity, which is expressed by a lower g factor. The classification
used in EC3 is adopted but with restrictions related to the value of g factor as given in
Table 4. It is worth noting that the seismic cross-section requirements in US practice
imply more strict limits for certain section types.

The cross-section requirements apply to all types of frame considered in ECS8. These
provisions implicitly account for the relationship between local buckling and
rotational ductility of steel members.

More detailed information on the performance and design of moment and braced
forms of steel and composite structures according to the provisions of EC8 to can be
found elsewhere [1, 4, 6, 7].

6. CLOSURE

This brief paper has provided an overview of the main principles of seismic design
with focus on Eurocode 8. This covered the loading and spectra specified in the code,
as well as general requirements for buildings including the fundamental principles,
siting considerations, regularity criteria, capacity design provisions, primary and
secondary members, and stiffness-related considerations. The main features for the
design of reinforced concrete and steel buildings were also pointed out, including, the
overall design concepts, structural types and behaviour factors, as well as local
ductility and detailing provisions.
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ABSTRACT

Confined m asonry s tructures a re a w idely a pplied structural s ystem in many
developing ¢ ountries. D uring t he pa st W enchuan E arthquake i n 2008, num erous
confined masonry bui ldings collapsed, w hile many others s uffered d amage. This
study r eviews t he construction pr actices of confined masonry bui ldings i n C hina.
Simple models and hand calculation methods are proposed for quantifying the tearing
failure of diaphragms, the tensile failure of tie-columns and the sway-mode strength
of m asonry bui ldings. T her esultsi ndicate ve ry good agreementw ith field
observations. The seismic measures that are stipulated in the seismic design codes are
very e ffective f or i ncreasing t he s trength a nd integrity, but not t he d uctility o
masonry buildings. For those buildings that survived the earthquake, strength rather
than duc tility p rotected t he ¢ onfined m asonry f rom c ollapse or s erious da mage.
Design r ecommendations a re s uggested f or pr eventing va rious t ypes o f pr emature
failures and enhancing the lateral strength of masonry buildings.

Keywords: Collapse, Ductility, Integrity, Masonry, Strength, Tie-system
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1. INTRODUCTION

The past 2008 W enchuan earthquake occurred in Sichuan province in China (see Fig.
1) led to around seventy thousand deaths and numerous injuries. The majority of the
deaths and injuries were in Dujiangyan, Mianyang and D eyang. M ore than 216,000
buildings collapsed, including 6898 schools, and countless buildings were damaged to
varying extents.
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Figure 1. Location of the epicentre and major affected cities

Confined masonry structures, which are widely used in China, consist of tie-columns,
reinforced concrete (RC) beams and precast concrete hollow floor planks in the upper
floors and R C infill frames on t he bottom floor. A pproximately 70% of residential
buildings in China are made of confined masonry (see Fig. 2). During the Wenchuan
Earthquake, numerous confined masonry buildings failed and caused a large number
of casualties. Table 1 shows the proportion of masonry buildings destroyed during the
earthquake (China Earthquake A dministration [1]). In Dujiangyan, about 55% of the
masonry buildings collapsed or were seriously damaged.

Table 1. The proportions of the destruction of masonry and bottom frame masonry
buildings in the Wenchuan Earthquake

City / town | Intact Slightly to Moderately | Severely damaged to
damaged collapsed

Chengdu 96.8 3.21 0.033

Deyang 50.3 47.2 2.5

Mianyang 55.9 33.8 10.3

Mianzhu 20.4 47.0 25.6

Dujiangyan | 27.7 24.1 55.2

In the s tudy reported he rein, di fferent collapse models of m asonry buildings w ere
proposed. The predicted results are compared with field observations to validate the
proposed models. The key findings and main de sign c onsiderations for the collapse
prevention of masonry buildings are presented in this paper. Some misconceptions of
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the Chinese seismic design codes in the design of seismic resistant masonry buildings
are highlighted.

Figure 2. Typical confined masonry buildings in Sichuan

2. TYPICAL CONFINED MASONRY STRUCTURES IN CHINA

In China, confined masonry structures are widely used in the construction of low-rise
residential bui Idings in the r egions with t he ba sic de sign pe ak ground a cceleration
(PGA) less than or equal to 0.3g. Various types of brickwork, such as fired clay bricks,
fired clay perforated bricks, and small hollow concrete blocks, are commonly used in
building c onstruction. Most of the c ollapsed b uildings w ere ¢ onstructed from fired
clay br icks. A ccording to t he C hinese d esign code G B50011-2001 [ 2], m asonry
brickwork must b e r estrained by cast in-situ RC ring-beams and tie-columns. T he
required member sizes and RC details are dependent on the basic design PGA. In the
earthquake a ffected r egions, w here t he ba sic design P GA1s50.05g t00.1g,the
minimum size of the tie-columns is 240 mmx180 mm and the minimum depth of the
tie beams is 180 mm. A typical construction detail of the brick walls, ring-beams, and
tie-columns is shown in Fig. 3. The beams and columns are required to be reinforced
by four longitudinal high yield steel bars (nominal yield stress f, > 335 MPa) with
diameters of 12 mm. Horizontal tie-bars (two 6 m m diameter bars, 1 m long at 500
mm ve rtical s pacing) are used to improve the s tructural int egrity be tween the tie -
columns and the brickwork. T o further enhance the bonding between the tie-system
and the masonry walls, the tie-columns and beams have to be cast after laying the
adjacent brickwork. The concrete used should have a cube strength of at least 20 MPa.

The Chinese design code GB50011-2001 (clause 7.3) [2] stipulates that tie-columns
must be provided at the four c orners of the e xterior w alls, at i ntersections of t he
transverse wall in the slit-level portion and the exterior longitudinal wall, at both sides
of large openings, and at intersections of interior walls and exterior longitudinal walls
in large rooms. T he c ode also s tates t hat ¢ olumns s hould be provided at the four
corners of staircases and elevator s hafts, and at intersections of each 15 m or unit
transverse w all and e xterior l ongitudinal wall. W ang [ 3] reported that the buildings
which strictly adheredt ot he de sign code performed s atisfactorily unde rt he
Wenchuan earthquake load.
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Figure 4. Typical structural arrangements of masonry residential buildings

The s tructural arrangements of a typical collapsed residential ma sonry building in
Dujiangyan are illustrated in Fig. 4. Hollow precast panels were adopted for the floor
supporting system. Infilled reinforced concrete frames were used in the first storey,
while confined masonry was used in the second storey and above to resist gravity and
lateral 1 oads. T he field i nvestigation c onducted b y t he U niversity of Hong K ong
revealed t hat m any of t he c ollapsed bui 1dings di d not f ollow t he d esign ¢ ode
requirements. Tie-columns were not usually provided at the intersections of transverse
and longitudinal walls, and neither at both sides of bigger openings (e.g., window and
door openings). Without sufficient tie-columns and adequate confinement to masonry
walls, the lo ad-carrying capacity, the e nergy d issipation ability a nd th e s trength
retention of masonry walls were substantially impaired.
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3. COLLAPSE MODES OF CONFINED MASONRY STRUCTURES

3.1 Estimation of Basic Design Earthquake Load

The basic d esign spectral acc eleration and the characteristic p eriods of the regions
affected b y t he e arthquake ¢ an be foundint he C hinese S eismic Zoning M aps
GB18306-2001 [4], which are shown in Figs. 5(a) and 5(b), respectively. It can be
observed that the basic design PGA in the affected areas is relatively low: 50 gal for
Mianyang and D eyang and 100 gal for Chengdu, Dujiangyan, Y ingxiu, W enchuan,
Beichuan, and Qingchuan.

Y

by nit in second

Figure 5. Distributions of (a) basic design PGA and (b) characteristic period in the
earthquake affected areas

The C hinese s eismic d esign code adopts t he widely us ed ¢ oncepts o f de signing
structures to allow no damage during frequent earthquakes, repairable damage during
occasional e arthquakes a nd no ¢ ollapse dur ing r are earthquakes. T he f requent,
occasional (basic design), and rare earthquakes correspond to earthquakes with a 63%,
10%, and 2% pr obability of e xceedance in 50 y ears, respectively. U ltimate de sign
earthquake f orces are obtained b y m ultiplying t he 1 oading d emand of f requent
earthquakes by a p artial s afety factor of 1.3. The s patial di stributions of recorded
PGAsinbot hE -Wand N-S di rections of t he W enchuan E arthquake [1]w ere
combined and are plotted in Fig. 6. The PGA in the affected area ranged from 100 gal
to 958 ga 1 and the m aximum P GA of the W enchuan E arthquake w as located near
Yingxiu and Beichuan.
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Table 2 compares the ultimate design PGA and the measured PGA in various affected
regions. T he measured PGA is found to be about 8 t imes hi gher than the ul timate
design PGA in most of the affected regions, except at Chengdu, which is only 2.2. It
is w orth not ing t hat a Ithough t he de sign ove rstrength r atios, w hich are de fined a s
dividing the measured PGA by the design ultimate PGA, are quite similar for Deyang,
Mianyang, Mianzhu, and Dujiangyan, serious damage to buildings (see Table 1) was
only obs erved a t D ujiangyan a nd M ianzhu (as well as'Y ingxiu), w here t he P GA
demands w ere hi gher t han 290 g al. The d esign ove rstrength r atio, w hich ¢ an be
related t o t he global d uctility de mand, w as n ot a good i ndicator f or qua ntifying
earthquake damage. The high PGA demand was the major factor accounting for the
serious damage and widespread collapse of the buildings in the affected areas. Further
explanations will be given in Sections 3.2 to 3.4.
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Figure 6. Spatial distribution of PGAs of the Wenchuan Earthquake

Table 2. A comparison of the ultimate design and recorded PGAs in various affected

regions
City / town Ultimate design PGA | Measured PGA™ | Design overstrength
(gal) (gal) ratio”
Cheungdu 35.6 80 2.2
Deyang 17.8 150 8.4
Mianyang 17.8 160 9.0
Mianzhu 35.6 290 8.1
(Hanwang
City)
Dujiangyan 35.6 320 9.0
Yingxiu 35.6 550 15.1
Note: * The values were interpolated from Fig. 6

" Design overstrength ratio is obtained by dividing the design ultimate PGA
with the measured PGA
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3.2 Tearing Failure of Floor Diaphragms

Under earthquake load, cyclic tensile forces are generated in floor diaphragms. When
masonry infill walls are added in a frame building, the s tructure r esists the lateral
earthquake 1 oad mainly by the strut and tie action. Very high tensile forces can be
induced in the diaphragms, in particular at the first floor of the building. Sufficient
reinforcements have to be provided to resist the forces. H orizontal ties s hould not

yield earlier than the occurrence of the ductile beam-sway mechanism for the building.

F_} 1t znd o Nth Ba}

Ith Storey

Fiq Member sizes

- (a) RC Beam = 0.24=0.2m dp
(b) RC Column =0.24-0.24m dp
(¢) Masonry strut = 0.24<1.06m

Young's modules
2nd RC part, .= 20 GPa
Masowy, Eg=4GPa

1 st
The critical tie

—T,
Figure 7. Strut and tie model for an infilled frame building subjected to lateral
earthquake loads

Fig. 7 shows a strut and tie model for simulating an infilled frame building of N bays
and J storeys subjected to lateral earthquake loads. In this model, the length of each
bay and the floor to floor height are both taken as 3m. The member sizes and material
properties are presented in Fig. 7. This model should be applicable to rigid buildings
of which the higher mode effect is not significant. Hence, assuming the fundamental
mode s hape is approximately by horizontal di splacements increasing linearly along
the height, the seismic shear distribution can be determined by Eq. (1).

6]

where /; is the level at the i floor, V} is the seismic base shear, w; is the weight at the
typical floor and w; is the weight at the roof which is taken as w;/2. The effective
uniformly di stributed w eight on t he di aphragm maybetakenas 10kP aforthe
masonry buildings in China. The lateral earthquake load V;, which is same as the base
shear force, is expressed in Eq. (2):

Vb=Weq Sa (2)
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where W,, is the equivalent weight of the building, which is equal to 0.85W according
to the Chinese seismic code GB50011-2001 (clause 5.2.1) [2], and S, is the spectral
acceleration.

By considering that the number of storeys of the building varied from two to ten (J =2
to 10) and the number of bays was either two or four (N =2 or4), a finite element
analysis us ing the finite element package E TABS [ 5] was c onducted. T he internal
forces (F7) in the critical tie as highlighted in Fig. 7 were determined. The normalized
tie f orces ( F; N/Vp)arepr esentedinF ig. 8. Usingt he r egression a nalysis, t he
normalized tie force was expressed in terms of the number of storeys. The normalized
tie force can be estimated by Eq. (3).

NF
L =0.417+0.14J —0.0066.J > 3)
b
1.4
1.2 Q
1 -
U 4 Bays
Q 0.81 A 2 Bays
=
ol 0.6 \
oo NF/T:=0.4174+0.14J-0.0066J 2
0.44
0.2
0 T T T T
0 2 4 6 8 10

Number of storeys J

Figure 8. Normalized tensile force in the critical tie

For a six-storey building with two bays only, the maximum tie force F, can be as high
as 0.51 V5. For cas t-in-situ floor s labs, t he flexural r einforcement provided is of ten
sufficient for serving as ties. However, for restraining precast floor systems, sufficient
ties or tie beams have to be installed to prevent the premature tearing failure of the
floor diaphragm.

Considering the horizontal force equilibrium, the total required steel area A in the
diaphragm at the first floor can be estimated as,

A=Fi fy “4)

where £, is the yield strength of the tie reinforcement.
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The field i nvestigation revealed t hat t earing f ailures of floor di aphragms a re not
uncommon. A n example collapsed building in Dujiangyan as shown in Fig. 9 w as
resulted from a1l ack of tie beams. Pre-cast slabs together with tie beams have been
pulled down at the failure zone.

Although the C hinese d esign c ode GB50011-2001 ( clause 3.5.5) [ 2] m entions t hat
precast s tructures s hould be properly and firmly connected to t he ot her s tructural
components to ensure the integrity of the structure, our field investigations revealed
that many simply supported precast slabs did not comply with this design regulation
and were directly seated on tie-beams without any mechanical connections. Only tie
beams were provided to resist the tensile force generated by the earthquake loads. To
demonstrate the significance of the tearing failure of pre-cast floor slabs, the critical
spectral acceleration required to tear up the pre-cast floors of the six-storey masonry
building w ith four ba ys as s hownin Fig. 41 s e stimated ba sed ont he p roposed
equations. As the building has four tie beams along the Y-direction and each tie beam
contains f our r einforcing ba rs w ith a di ameter of 12 m m, thet otal area of tie
reinforcement provided on each floor is 1809 mm? (=6°nx4x4). The tie force capacity,
according to Eq. (4), is 606 kN (=1809mm?x335Nmm™/1000). By Egs. (2) and (3),
the spectral acceleration capacity S, is found to be 0.3 g which is much less than the
peak s pectral a cceleration de mand of around 0.9 g in D ujiangyan. A Ithough t he
estimated value should be on the conservative side, as the tension stiffening effect of
the ¢ oncrete a nd br ickwork ha s not be en ¢ onsidered i n t he ¢ alculation, t he 1 arge
difference between the demand and capacity demonstrates that the installation of tie
beams al one is not sufficient for preventing tearing failure o f the floor diaphragm.
Precast s labs havetob e firmly connected t ot he ot her s tructural ¢ omponents t o
increase the tension capacity in high seismicity regions.

Figure 9. A 4-storey building without sufficient tie beams collapsed at Dujiangyan

i
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3.3 Tensile Failure of Tie Columns

Under the seismic actions, reversed cyclic axial forces are generated in tie columns.
Such a ctions c ould c ause the yielding of v ertical ties and de bonding b etween t ie-
beams and infill masonry walls. M ore i mportantly, the 1oss of confinement for the
infill masonry walls could significantly weaken the lateral stability of the load-bearing
walls. The extent and importance of such an effect could be investigated through the
following simple analysis.

4 Masory
stciure

E.C bottom
frame

Figure 10. Free body diagram of the masonry structure above the RC bottom frame

The masonry building with a bottom frame, as shown in Fig. 4, is considered again.
Knowing t hat t he bot tom r einforced concrete frame, w hich is provided w ith more
tension reinforcement, is much stronger than the masonry superstructure on top of the
frame, tension failure usually occurs at the interface between the reinforced concrete
frame and the confined masonry structure (i.e., at the top of the first floor). Fig. 10
shows a free body diagram of the masonry s tructure above the bottom frame. T he
average bearing stress developed in the load-bearing masonry walls at the first floor
can be obtained from Eq. (5).

Oy = (5)

where W, is the effective weight of the superstructure above the first floor, 7 is the
total tensile forces developed in the tension ties, and 4,, is the total sectional area of
load-bearing walls. Under strong lateral earthquake loads, uplifting could occur at the
exterior masonry walls. Assuming that the masonry body deforms rigidly, when the
tension stress o, developed by the overturning earthquake moment, just balances the
average bearing stress, one can have,

M-T.D/2)D
Oy =0p = ( 2‘1 ) (0)
w
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where /,, is the second moment of the area of load-bearing walls, D is the depth of the
building and M is the critical earthquake moment, above which could lead to tension
failure o f't he confined m asonry w alls. U nder r eversed cyclic earthquake I oads,
debonding of t he m ortar be tween t he br icks a nd t he t ie be ams, ¢ ould e asily a nd
quickly t ake pl ace. Hence, the t ensile s trength provided b y t he m asonry wallsis
conservatively i gnored i n the c alculations. T he critical m oment M is e xpressed in
terms of spectral acceleration capacity in Eq. (7).

M=SW,.h, (7)
where W, ., = 0.85 W, is the equivalent building weight above the first floor and 4,, is
the moment arm of the resultant lateral forces measured from the first floor. Assuming
that the s eismic la teral f orce is tr iangularly di stributed for the low -rise m asonry
building considered, a nd %4, and h, arethel evelsa tt he first and roof f loors,
respectively, the moment arm can be expressed as,

_ (hz — hl )(hl + 2h2)
" 3y +hy)

®)

Taking the thickness of the masonry walls to be 240 mm, and following the building
arrangements as shown in Fig. 4, the total sectional area 4,,, second moment of area /7,
and effective weight above the first floor ¥, are estimated to be 17 mz, 380 m* and
7200 kN, respectively. When 4; and 4, are 4 m and 18 m, respectively (see Fig. 4), Eq.
(8) gives h,, = 8.48 m. Furthermore, when the two edge tie columns are both yielded,
the total tie force 7, provided is 303 kN (=6°7x8mm?*x335N/mm?). Using Eq. (5), the
average bearing stress is 0.44MPa, which is much less than the nominal compressive
brickwork strength of 10MPa and the nominal compressive mortar strength of 5 MPa.
Hence, the com pressive failure of the masonry walls w as unl ikely w hen the w alls
were properly restrained. By using Eqs. (6) and (7), the spectral acceleration capacity
S, isfoundtobe 0.57 g. Itisw orthnot ingt hat unde r s trong r eversed c yclic
earthquake loads, tension cracking (see Fig. 11(a)) or even out-of-plane dislocations
of masonry walls could oc cur. T hose t ypes o f damage could s everely weaken t he
integrity and stability of the masonry walls, and hence the gravity load-bearing system.
Fig. 11(b) shows a nearly collapsed 6-storey building that suffered from out-of-plane
failure of the masonry walls above the first floor of the concrete frame.
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(b)s=
Figure 11. Damage to exterior masonry walls on top the first floors (a) extensive
cracks and (b) out-of-plane dislocations

Figure 12. Damage of confined masonry buildings (a), (b), and (c) partial collapses, (d)
collapse of simply supported hollow precast slabs, and (e) pullout failure of a beam

As e videnced b yt he extensive ¢ ollapse of multi-storey m asonry buildingsi n
Dujiangyan and Y ingxiu, t he pe ak s pectral a cceleration de mands for b uildings are
likely to be higher than 1.0 g (further details will be given in Section 4). The small tie-
columns or ring-beams were too weak to contribute to the resistance of 1ateral and
gravity | oads. T hus, t he ¢ ollapse of t he m asonry walls t riggered t he progressive
collapse of the buildings (see Figs. 12(a) to 12(d)). Fig. 12(e) shows a pullout failure
of a tie-beam from a beam-column joint. The lack of redundancy of simply supported
precast s labs and the in sufficient s trength of th e tie-beam and c olumn systems are
believed to be the two major causes of the widespread collapse of confined masonry
residential buildings. To improve the integrity and hence the load-bearing capacity of
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the ma sonry walls, itiss trongly recommended adding v ertical ti es (two 6mm
diameter bars, 1 m long at 500 mm spacing) to attach the masonry infill to the top and
bottom tie beams to restrain all four edges of the infill walls and prevent out-of-plane
dislocations. F urthermore, 1 arger di ameter b ars (e.g., T 16) w ith hi gher yield s tress
(e.g., 460 M Pa) should be used in tie beams and tie-columns to improve the integrity
of the building and to avoid the premature tearing failure of buildings.

3.4  Sway Mode Failure Strength

Previous earthquakes and extensive studies (Dolsek et al. [6], Kwan et al. [7], Fajar et
al. [8]) have r evealed t hat m asonry bui Idings, even t hose de signed w ith duc tility
considerations and with uniform storey stiffness, create a soft storey at the bottom of
the building if the ground motion is strong enough. When the strength is inadequate,
deformations of the building will concentrate in the weakest storey and will increase
rapidly. The PGA increasing ratio from the beginning of the formation of a soft storey
to the collapse of the structure is only around 1.1 to 1.2 (Dolsek et al. [6], Kwan et al.
[7]), which is much smaller than the strength reduction factor of 4 o r higher that is
typically used in the seismic design of buildings in China. Although it is difficult to
accurately de termine w hen a s tructure col lapses, a m asonry s tructure with a s oft
storey is dangerous enough in a normal design sense. Hence, the non-collapse design
of low-rise masonry buildings should make sure that the structure has sufficient lateral
strength. To e nsure t he w hole bui Iding r esists t he s eismic i nduced | oading, good
structural int egrity is v itally impor tant. When pr emature f ailures s uch ast hose
mentioned in Sections 3.2 and 3.3 have been effectively controlled, the entire building
can undergo swaying d eformations. The ul timate la teral s trength associated with
swaying is defined as the inherent lateral strength. The inherent strength considers the
strengths from both non-structural and structural components, and can be estimated at
peak loading (or yielding) status.

In this section, a simple model proposed by Su et al. [9] was adopted to estimate the
inherent strength of masonry buildings. The key element of the model is that stiffness
and damping of t he s tructure a re characterized by s ecant p roperties at m aximum
response, rather than based on initial elastic properties. The building is assumed to fail
in s hear m ode and the structure is represented as an equivalent s ingle de gree of
freedom (SDOF) system under seismic attack (See Fig. 13). In such case, the spectral
acceleration capacity S, can be calculated using Eq. (9):

27 2
Sa=Sa| 7 ©)

where S, is the spectral displacement at the peak load of the structure and 7 is the
lengthened structural period at the peak load.
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Figure 13. Lateral deformation of a low-rise building

The s tructural pe riod o fa bui Iding ¢ an be conveniently estimated f rom a mbient
vibration test data. Based on 12 d ynamic test results of low-rise masonry buildings in
China, Liang and Chen [10] reported that the structural period 7 of masonry buildings
may be expressed as,

T =0.04638H, /D (10)

where D is the depth of the building and £ is the period shift factor. Under seismic
actions, m asonry bui ldings unde rgo i nelastic deformations due t o, for i nstance,
cracking and sliding brickwork. The reduction in stiffness leads to lengthening of the
structural period under strong shakings. As the structural period can be related to the
structural stiffness through the well-known relationship (7=2nVM/K), the period shift
factor ¢ an be obt ained f rom t he s tiffness de gradation f actors. A ccording t ot he
shaking t able an alyses (Kwan etal.[ 7], Zheng etal.[ 11]) of c onfined m asonry
structures, the period shift factor (f) of infilled frames is found to range from 1.66 to
2.23 with a mean around 1.9.

As the vibration shapes of various shear-mode d ominant low-rise buildings are very
similar under earthquake e xcitations, S; can be related to the maximum inter-storey
drift ratio 6,,,. by Eq. (11) as:

_ H p Omax
Sg = ) (11)

where H} is the height of the building and 4 is the drift factor depending mainly on the
height and type of the building. Miranda and his co-worker [ 12,13] have determined
the drift factor explicitly. By substituting Eq. (11) into Eq. (9), one can obtain Eq. (12):

2
_ H p Omax 2z
Sa=", |7 (12)
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Eq. (12) summarizes the key parameters that affect the lateral inherent strength of a
building. Under the peak loading condition, 6, is equal to the yield inter-story drift
ratio. Previous experimental studies [Kwan et al. [7], Zheng et al. [11], Gao [14], Jin
et al. [15]) of confined infill walls reported that the yield drift ratio primarily depends
on the ge ometry and c onfiguration of walls, the c onfinement s teel ¢ ontent and the
construction methods, and typically ranges between 0.5% and 0.9%.

To illustrate the application of the abovementioned theory, the masonry building as
depicted in Fig. 4 is considered again. Assuming a global ductility capacity of 2.5 for
brittle masonry buildings, the variations of drift factor to the number of storeys with
building depth varying from 6m to 18m determined according to references (Miranda
[12], Miranda and Reyes [ 13]) are shown in Fig. 14. For the building with a depth of
12m and 6 s toreys, 4 is found to be 2.50. T he corresponding s tructural period 7 is
found to be 0.457 s ec (=0.0463x1.9x18/ V12) according to Eq. (10). Assuming the
yield inter-storey dr ift 8, ise qualt 00.7% andus ingE q.( 12),t he s pectral
acceleration capacity S, is equal to 0.97 g (or 9.52 ms™ =18x0.007x(21/0.457)*/2.5) is
obtained. This impl ies tha t w hen stronger tie -columns a nd t ie-beam systems a re
provided, a more de formable s waying failure m ode c ould be enhanced. T he 1l ateral
strength, in terms of s pectral a cceleration capacity, could be increased remarkably
from 0.57 g to around 1.0 g for 6-storey masonry buildings.

2.9

277

~ 257

23 A

2.1

No of storeys

Figure 14. Variations of drift factor 4 against the number of storeys

4. ESTIMATED RESPONSE SPECTRA

The r esponse ac celeration spectra o f's ome of t he af fected areas, such as Z engjia,
Bajiao, Qingping and Wolong, were given by Li ef al. [ 16]. From these spectra, one
can find that the dominant characteristic period of the ground motions was at 0.4 sec,
the acceleration spectral ratio ranged from 2.7 to 5.4 with an average of 3.5, and the
descending branch of the ac celeration spectra in the range of 0.4 secto 1 sec was
roughly proportional to the function 7"*. Based on these parameters, together with the
recorded P GA ass howninF ig. 6,t her esponse a cceleration s pectra at va rious
earthquake affected areas were estimated and presented in Fig. 15.
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By considering the masonry building as shown in Fig. 4 and assuming the number of
storeys varies from 2 to 7, and f=1.9, the structural period and spectral acceleration
capacity of mul ti-storey m asonry bui Idings w ere calculated. Fig. 15 showst he
comparison between the failure strengths, design capacity and the estimated seismic
loads (all in terms of spectral accelerations). T o take into account the v ariations of
material properties, yield rotations of 0.5% and 0.8% w ere considered. T he de sign
capacity was calculated according to the Chinese seismic design code GB 50011-2001
Clauses 5.1.4 and 5.1.5 [2]. The results show that buildings generally have sufficient
lateral s trengths i n C hengdu, D eyang a nd M ianyang, w hile t hree- to seven-storey
buildings i n D ujiangyan, H anwang a nd Y ingxiu c ould ha ve i nsufficient s trength.
Furthermore, the results show that the lateral strength of masonry buildings is very
sensitive to building heights. Low-rise masonry buildings with three or fewer storeys
are more r obust under s eismic attacks. D iaphragm failure of these buildings is the
most ¢ ommon failure m ode. T he tie-columns of taller (and us ually m ore s lender)
masonry buildings are likely to fail under tension due to the high over-turning effect.
The loss of confinement to the infill walls could trigger the walls to detach from the
main structures and the subsequent out-of-plane dislocations. The structural period of
an unrestrained infill wall could be a few seconds, and the displacement demands for
long-period s tructural c omponents in the a ffected areas c ould be much higher than
200 mm. Bearing in mind that the actual displacement demands experienced by the
infill w alls a re c alculated by a dding up the s pectral f loor di splacements a nd the
ground displacements, the peak ground displacements were 200 mm in Chengdu and
Mianyang, more than 500 mm in Dujiangyan and around 1000 mm in Yingxiu (Chen
etal. [17]).
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:E 20 4—storey | ]- Sway mode capacity
E | 6-storey === Dijaphragm faiure lbad
eyl T 0lurnin failure lozd
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1] 02 04 06 0a 1
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Figure 15. A comparison of spectra acceleration demands and capacities of masonry
buildings in various earthquake affected areas

It should be noted that this paper has no intention of using the aforementioned simple
analyses t o explain all t he pos sible caus es of the col lapse of alarge variety o f
masonry buildingsi nt he W enchuan E arthquake. Iti s ve rydi fficult, but not

impossible, to obtain all the essential material and geometric parameters to define the
pre-earthquake conditions of individual bui ldings for conducting d etailed c ollapse
analyses. However, the above simple analyses did explain the damage and collapse of
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the buildings in the W enchuan E arthquake very well, and are worth c onsidering in
future seismic resistant design.

There are a num ber o f possible w ays to p revent the pr emature failure of m asonry
walls: for example, one can (1) reduce the height-to-depth ratio of the buildings, (2)
add more tie-columns and tie-reinforcement, and (3) connect the infill walls to the tie-
beams us ing tie -bars. T he a bove pr ovisions a re ve ry e ffective for i mproving t he
integrity of masonry buildings under seismic loads.

Finally, if th e pr emature f ailures c ould be c ontrolled for a mul ti-storey m asonry
building, a more d eformable sway mode failure would probably happen. T o further
increase the lateral strength of the sway mode, one could (1) increase the yield inter-
storey drift ratio of the building by using higher strength construction materials, (2)
increase the ini tial s tiffness ( or s horten the i nitial pe riod) of t he bui Idings b y
increasing the size of structural members, and (3) avoid having structural irregularities
so that the drift factor A would not be larger than 2.5. Based on the above discussions,
providing lateral strength should be a viable solution for the seismic resistant design
of masonry buildings.

5. FIELD OBSERVATIONS

In our pos t-earthquake field i nvestigations, w e vi sited t he C hengdu and M ianyang
urban areas, as well as D ujiangyan a nd Y ingxiu c ities. O ur obs ervations br oadly
agreed with the damage data presented in Table 1. The main findings are,

1) No building collapses were observed in the Chengdu urban area;

2) Only one partially c ollapsed 6 -storey bui lding r esulting from the failure of
load-bearing masonry walls was found at the Mianyang urban centre (see Fig.

16);

3) Numerous partial collapses of 5- to 6-storey buildings occurred in Dujiangyan;
and

4) Widespread collapse of buildings occurred in Yingxiu.

Fig. 15 s howst hatt he pr oposed s imple s trength ¢ alculations e xplain ou r fi eld
observations ve ry w ell. A pparently, s trength, r ather t han duc tility, pr otected t he
confined masonry buildings from collapse or serious damage.
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Figure 16. A partial collapsed 6-storey building due to collapse of load-bearing
masonry walls at Mianyang city

6. THE EFFECTIVENESS OF CHINESE SEISMIC DESIGN CODE ON
PREVENTION OF BUILDING COLLAPSE

The ef fectiveness and importance of t he s eismic m easures i n the C hinese s eismic
design code have been evidenced in the W enchuan earthquake. However, there is a
different understanding regarding the real effect of the seismic measures, in particular
the efficacy of tie-systems. Wang [ 3] reported that, for masonry structures de signed
and c onstructed according t o t he C hinese d esign ¢ ode, t ie-columns a nd t ie-beams
succeeded in acting as the second line of defence a fter the damage ofthe masonry
walls. However, as de monstrated b y the present s tudy, m any tie-systems w ere t 0o
weak to contribute to the resistance of gravity and earthquake loads in high seismic
intensity a reas. We be lieve t hat t he r eal ef fect of t he t ie-columns a nd t ie-beams
system is to restrain infill walls and resist the tensions generated in the global lateral
load structural systems. The tie-system can enhance the integrity of the entire building
and e ffectively avoided premature failures under cyclic earthquake 1oads. However,
the restraining frame of tie-columns and tie-beams cannot be considered as a s econd
defence line.

In Section 3.1, earthquake load demands were found to be about 8 times higher than
the c orresponding de sign ultimate s trength in many s eismic a ffected areas. In the
cities such as Chengdu and M ianyang, de spite t he hi gh P GA d emands and de sign
overstrength r atios, a Imost a 1l of t he bui ldings ¢ ould a void c ollapse unde rt he
Wenchuan Earthquake. As mentioned in previous sections, the good performance of
the buildings in these areas is mainly attributed to the high inherent strengths of the
masonry bui ldings ( see Fig. 15), but not the du ctility c apacity. In fact, t he a ctual
overstrength ratio (using the inherent lateral strength as the denominator) of masonry
buildings is very small, around 1.15 according to Dolsek et al. [6] and Kwan et al. [7].
The s eismic m easures p resented in the C hinese de sign code s how t he efficacy of
increasing the lateral strength, but not ductility. Hence, the damage to buildings has a
better c orrelation with P GA demands, but not the design overstrength ratios. W hen
the s eismic 1 oading de mands in terms of P GA is hi gher t han t he i nherent s pectra
acceleration capacity oft he bui ldings, e xtensive da mage o r e ven collapse of t he
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buildings occurs. The seismic measures de fined in the Chinese seismic design code
are quite effective in ascertaining the required integrity (as de monstrated in Section
3.2), but not t he duc tility o f's tructures. N onetheless, t he t ie-columns a nd t ie-ring
system, and other du ctile de tailing r equirements, are still c onsidered to be of vital
importance f or i ncreasing t he yield r otation a nd he nce t he i nherent s trength of a
building.

Our pos t-earthquake field i nvestigations f urther r evealed t hat t he duc tile s waying
failure mode of masonry buildings was rarely seen in the earthquake-affected areas.
This is because in real construction of masonry buildings, reinforced concrete beams
were often strengthened and stiffened by the adjacent slabs, masonry walls, and other
non-structural components. The principle of strong column-weak beam was difficult
to implement in real masonry buildings. If ductility design is difficult to implement,
should we look for an alternative? Sufficient strength rather than ductility should be
considered ast he de cisive f actori nt he de sign of m asonry bui ldings. If rare
earthquake loads are used for the non-collapse design of low-rise masonry buildings—
judging from the variations between inherent strength and the rare earthquake l1oads
the increase in the construction costs for masonry buildings should not be substantial.

Furthermore, many current s eismic de sign c odes a dopted c omponent-based seismic
design without adequate considerations of the global integrity of the entire structures,
and the limited ductility capacity of brittle construction materials and global collapse
mechanism should be thoroughly reviewed. The proposed simple analyses in light of
global collapse mechanisms warrant further refinement and improvement.

7. CONCLUSIONS

Based on field studies of the areas affected by the W enchuan Earthquake and the
subsequent s eismic a ssessments of m asonry buildings, t he m ajor findings a re
summarised a s f ollows. T he m ajor f actors 1 nfluencing t he i nherent s trength a nd
preventing pr emature failures ha ve be en br iefly di scussed. V arious failure m odels
have been presented to quantify the tearing failure of floor diaphragms, the tension
failure of tie-columns and the sway-mode failure of masonry buildings. The strength
calculations explain our field observations very well. The substantial under-design of
strength is found to be the primary reason for the widespread c ollapse of masonry
buildings. For those masonry buildings that survived in this earthquake, their inherent
strength, r ather t han t heir duc tility, pr otected t hem f rom c ollapse. M oreover, t he
seismic measures stipulated in the Chinese seismic design code are very effective for
increasing the s trength and integrity o f s tructures (but not ductility), and should be
followed during design and construction. Furthermore, design recommendations have
been given for pr eventing pr emature f ailures a nd increasing t he i nherent 1 ateral
strength of m asonry bui Idings. T he s trength-based approach s hould be used inthe
design of 1 ow-rise m asonry bui ldings. H owever, t he duc tility de sign a pproach i s
preferable for the design of medium and hi gh-rise buildings. R are earthquake 1oads
could be used directly in the design of masonry buildings to achieve the objective of
“no c ollapse i n r are e arthquakes”. Because t he i nherent s trength of t he bui ldings
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constructed according to the current Chinese seismic code is already very high, the
increase in construction costs should not be significant.
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ABSTRACT

Second-order elastic and plastic analysis as a new and robust design method has been
introduced in many modern codes such as drafted LRFD (2010), Eurocode-3 (2005)
and HKSC (2005) and becomes widely used in practice. This method considers the
second-order effects, initial imperfections, material yielding, joint flexibility and so
on in the process of analysis and as a result, it only needs the section design via the
section capacity check rather than member design for safety and stability check. Thus,
the reserved strength after yielding can be utilized and uncertainty in determination of
effective length for member design under the framework of traditional linear design
method is avoided. Strong earthquakes including the recent one on 11™ March 2011 in
Sendai, Japan and in different parts of the world led to severe damage of numerous
buildings and loss of thousands of human lives. This paper extends the second-order
elastic and plastic analysis used in numerous projects in Hong Kong since 2005 to
push-over and time history analysis, which are expected to become more popular
under the wide acceptance of performance-based seismic design in meeting multiple
performance objectives. A simple and effective plastic hinge method is introduced in
the second-order analysis to account for material yielding. Hence, the proposed
second-order analysis method can be applied to seismic and static design of building
structures. Unlike most software which could not design properly a structure without
effective length under conventional static loads, the proposed computer method has
been widely used in conventional design and therefore its application to seismic
design is both consistent and natural since a structure will not be inconsistently
designed by the linear analysis under conventional static load cases but checked by
the nonlinear time history analysis under seismic actions.

Keywords: Second-order Analysis, Plastic Hinge, Time History Analysis,
Performance-based Seismic Design, NIDA
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1. INTRODUCTION

In the conventional linear analysis and design of building structures, the linearized
response of a structure is used to construct the bending moment diagram of the
structure from which the strength and stability of each member is checked and
designed. As many practical columns are of modest to high slenderness that
invalidates the assumption of an analysis considering only material yielding, the
effective length factor, or the K-factor, is introduced to the design procedure for
stability checking. Unfortunately, the determination of the effective length factor or
the K-factor is based on the initial configuration under the linear analysis framework
which ignores the change of structure geometry under external actions. This
geometrical change alters the buckling length and thus the effective length factor
assumed at undeformed geometry, making the effective length method inaccurate.
Also, the contribution of the lateral stiffness from far end columns is normally ignored
and therefore the effective length factor cannot be reliably determined. In many cases
it is difficult and complicated to find the effective length factor even under the elastic
theory for certain types of structures, for example, the dome structures and irregular
frames.

Second-order analysis has been well researched for decades and becomes widely used
in practical design in Hong Kong and Macau as a primary design method for member
sizing and stability checking. In this computer age, the traditional tedious member
design by hand is unjustifiable. On the other hand, the uncertainty of effective length
method brings potential dangers in the design of fashionable and slender structures.
The modern design codes such as Eurocode3 (2005) and HKSC (2005) explicitly
require the second-order analysis for structures of high slenderness and irregular
shape.

In this paper, a curved ability function element Chan and Gu (2000) allowing for
initial bowing is used to simulate beam-column element. This element shows
excellent accuracy under large axial force with the consideration of the interaction
between axial force and bending moments and therefore one element per member is
adequate without loss of accuracy which leads to much convenience in daily design.

Unlike previous second-order analysis which focuses only on P-A effect and ignores
P-6 effect and initial imperfections, the proposed second-order analysis considers all
second-order effects as well as initial imperfections and therefore meets the code
requirement and can be used as a design tool. The proposed method has been
extended to more common building structures with shear walls and floor slabs but not
limit to bare steel frames, seen Liu and Chan (2009). With the consideration of
member imperfection, the proposed method shows high accuracy in design of
composite and reinforced concrete members with arbitrary shape subjected to axial
force and biaxial bending (Chan et al. 2010).
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It is noted that many strong earthquakes occurred in last two decades, for examples,
Sendai Japan on 11™ March 2011, USA Northridge 1994, Japan Kobe 1995, Taiwan
Chi-Chi 1999, China Wenchuan 2008, Haiti 2010, Chile 2010 and China Yushu 2010.
The development of modern seismic design codes is to reduce repair cost of building
and to maintain their safety during earthquake. The traditional seismic design is
significantly upgraded to performance-based seismic design (PBSD) which is
believed to be a general design philosophy in future. The design criteria will be
expressed in terms of performance objectives such as operational, immediate
occupancy, life safety, collapse prevention associated with seismic hazard levels like
frequent, occasional, rear and very rear opportunity under the framework of
performance-based design. A performance objective is essentially associated with an
acceptable risk meeting the community and owner’s expectations. It is a future trend
that the seismic design should permit multiple performance and hazard levels
according to these expectations.

There are four well-known analysis methods specified in seismic codes for seismic
performance evaluation, i.e. linear static analysis, modal response spectrum analysis,
nonlinear static (pushover) analysis and nonlinear dynamic (time history) analysis.
The first and second methods are based on linear theory without consideration of
geometrical and material nonlinearities and therefore cannot be applied logically to
multiple performance objectives seismic design. The pushover analysis estimates
seismic demands on buildings by monotonically increasing lateral forces until a target
displacement is reached. The basic assumption behind this method is that the response
of the structure is controlled by its fundamental mode which is not the case for many
structures. This paper is mainly focused on time history analysis (THA) which is
deemed to be an “exact” method in predicting the structural behavior while more
details about pushover analysis can be referred to (Liu ef al. 2010).

In many codes, time history analysis is compulsively used for high-rise or important
buildings and long-span bridges. To consider the inelastic behavior in a time history
analysis, a plastic hinge method by inserting two end section springs into the curved
stability function element Chan and Gu (2000) is adopted for simplicity and fast
convergence. The Newmark (1959) method is utilized for step-by-step integration of
the motion of equation. Due to the use of same nonlinear theoretical background, the
static second-order analysis and time history analysis can be carried out in a unified
platform. Nonlinear-based software NIDA (2010) has an inherent advantage for both
second-order nonlinear design for conventional load cases and nonlinear dynamic
seismic design.
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2. NONLINEAR INTEGRATED DESIGN AND ANALYSIS

The conventional linear design method divides the whole design procedure into two
stages: (1) determination of the internal forces and moments acting on each member
of the structural system by elastic linear analysis; (2) assessment of the strength and
stability of each member treated in isolation by plastic analysis. Compatibility
between the isolated member and the structural system is doubtable. There has been
an increasing awareness for the use of second-order analysis that simulates directly
the behavior of structural members, connections, and other components in the
determination of overall system response.

The new and advanced nonlinear integrated design and analysis method is very
different from the conventional linear design since the nonlinear analysis model
contains more factors which may significantly affect the structural behavior. Also, the
interaction between the structural members and the structural system can be
considered. In other words, the second-order design method is a “system-based”
holistic approach, in contrast to the traditional “member-based” localized design
method.

In the current transition period from the first-order linear to second-order nonlinear
structural analysis and design, the second-order elastic or first-plastic hinge analysis,
which assumes the design resistance is reached at the formation of the first plastic
hinge, is recommended for daily non-seismic design. Second-order elastic or first-
plastic hinge analysis means an analysis allowing for the second-order effects due to
the change of geometry and initial stresses in members but material yielding is not
allowed to be distributed after the first plastic hinge. If both the P-A and P-d effects
are included in the analysis, the method is termed as “second-order elastic P-A-0
analysis” while only the P-A effect is considered, the method is termed as “second-
order elastic P-A-only analysis”. It should be noted that the checking of member
strength relies on the application of design formula since this type of methods does
not take material yielding into account. Moreover, an additional member resistance
checking for P-6 effect should be conducted separately for the “second-order elastic
P-A-only analysis”. On the other hand, for the “second-order elastic P-A-0 analysis”,
the process of determining the effective length of the member by a formula in a
design code in order to calculate the second-order moments can be skipped and the
accuracy and saving in routine design effort can be achieved.

2.1 P-A and P-0 effects

When a structure deforms, the original geometry can no longer be employed for the
formulation of the transformation matrix simply because the nodal coordinates have
been changed. This effect, named P-A effect, may become important when the
deflection and/or the conjugate force is large such as the case of a building under a
heavy mass at the roof and a lateral wind load. An additional moment termed as the
P- A moment will be induced due to this effect.
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The P- 6 effect is referred to as the second-order effect due to the deflection along a
member and the axial force. It affects the state of stress as well as the stiffness of the
member. Like the P- A effect, an additional moment named P- § moment will be
induced due to the P- 6 effect. Its careful consideration is important for buckling
analysis and design of slender skeletal structures.

In general, both the P- A (frame sidesway) and P- 6 effects (member curvature) will
occur in a structure under vertical and horizontal external forces. These effects are
shown in Figure 1.

P
47 A
Y P-A and P-0 effects

If we consider both P-5 and P-A effects
with member and frame initial
imperfections, we need not worry about
the effective length and the design is
more efficient and accurate.

Figure 1 The P-A and P-$ effects

In this paper, the P- A effect is automatically considered in the incremental-iterative
procedure while the P- 6 effect is accounted for by the use of curved stability
functions Chan and Gu (2000) at the element level.

2.2 Initial imperfections

As no structures are perfect and free from defects due to initial crookedness, residual
stress, installation and erection, imperfections must be considered. One of the biggest
differences between the effective length method and the second-order analysis is their
consideration of initial imperfections. The effective length method considers
imperfection implicitly in the use of buckling curves such as the agp, a, b, ¢ and d
curves in Eurocode-3(2005) whereas the second-order analysis explicitly considers
imperfections in use of member initial curvatures and frame out of-plumbness and
notional forces. Two types of imperfections should be included in the nonlinear
analysis and design, i.e., the member and frame imperfections.
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(1) Member imperfections

Member initial imperfections are due to member initial crookedness or residual
stresses. The initial geometric imperfections of members may be due to one or
several aspects such as cambering, sweeping, twist, out of straightness and cross-
section distortion.  The residual stresses in members may be due to
manufacturing and fabrication processes, erection out-of-fit, and construction
sequencing. To exactly account for all the imperfections rigorously seems
impossible for practical structures. Practically, they can be simulated in the
analysis/design model by the equivalent initial bow imperfection which may be
slightly different in the national design codes due to the difference in steel
products.

According to HKSC (2005), the equivalent initial bow imperfections for different
sections are specified in its Table 6.1 and Table 8.7 and also listed in the Table 1
and Table 2 respectively of this paper for clarity. These values may be used in a
second order analysis for the steel members under compression. For composite
column, the buckling curves and member imperfections are specified in Table
10.13 of HKSC (2005).

Buckling curves e |
referenced in -2 to be used in Second-order P-A-5 elastic analysis
Table 8.7 L
a 1/500
b 1/400
c 1/300
d 1/200
Table 1 Values of member initial bow imperfection used in design

In the proposed second-order analysis, the initial member imperfection has been
formulated in the curved stability functions (see Figure 2) according to the code
requirements. Therefore, its effects have been considered in the analysis part of
the second-order analysis.

Tmitial enrvature:

1 Tx

Deformed curvature ¥ =8,sm
I"nl '/'/
0, = / )
F ' Yo :
. "T?"":‘?""“’{' I"E"I.'r- - X
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Lc g LU
|_ 1
Figure 2 The Curved Stability Function Element with Initial Crookedness
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(2) Frame imperfections

The frame imperfections are mainly due to the out of plumbness of frame and
column in the erection processes and construction sequence, see Figure 3. This
type of imperfections may increase the sway effect and induce P-A moments
which are specially important when a structure is subjected to large vertical loads.

Maximum Axis of
Type of section thickness buckling
(see notel) X% | ¥y
Hot — finished structural hollow section al al
Cold — formed structural hollow section c) c)
_ . <40 mm a) b)
Rolled | - section - 40 mm b) o)
. =40 mm b) c)
Rolled H - t
olle section 40 mm o) d)
. =40 mm b) c)
Welded | or H — section (see note 2) ~ 40 mm b) d)
Rolled | - section with welded flange cover plates =40 mm a) b)
with 0.25 < WE < 0.80 as shown in Figure 8.4) = 40 mm b) c)
Rolled H - section with welded flange cover plates =40 mm b) c)
with 0.25 < W/B = 0.80 as shown in Figure 8.4) = 40 mm c) d)
Rolled | or H — section with welded flange cover = 40 mm k) a)
plates with /B = 0.80 as shown in Figure B.4) = 40 mm £l bl
Rolled | or H - secticn with welded flange cover < 40 mm b) c)
plates with U/B < 0.25 as shown in Figure §.4) - 40 mm b) d)
Welded box section (see note 3 ) =40mm b b)
=40 mm c) c)
Round, square or flat bar = 40 mm b.) b.)
T =40 mm <) c)
Rolled angle, channel or T-section
Two rolled sections laced, battened or back-to-back Any axis: c)
Compound rolled sections |

Table 2 Designation of buckling curves for different section types
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Linear analysis uses the moment amplification to enlarge the linear moment for
sway effect.

o 7S
L 1L 1

<>l

Figure 3 Frame Imperfection

In second-order analysis, wind load or notional force can be still used, but an
alternative and more reliable and convenient method is to adopt the elastic
buckling mode as the imperfection mode with amplitude set equal to the out-of-
plumbness normally taken as height/200 according to HKSC (2005) or other
justified values.

2.3 Section capacity check

In the codified linear design method a member is required for checking against
member buckling and sectional strength while in the proposed second-order design
method, only the section capacity check in the following symbolic expression is
required.

P M.v +P(Ay+A0y)+P(5y+50y)+Mz +P(Az +A02)+P(5z +502) _

" p<l (1)
p_yA MC_}’ MCZ
where
P is the axial force in member;
A 1s the cross sectional area;

is the design strength;

P,
M M are the moments about the minor and major axes obtained from a first
order analysis;

M, , M, are the moment capacities about the minor and major axes. If lateral-
torsional buckling is considered, the smaller of buckling moment, M, ,
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and the plastic moment M _ divided by an equivalent moment factor m,

should be used;

ALA, are the nodal displacements due to out-of-plumbness of frame sway
induced by loads;

A,,,A,.  are the nodal displacements due to out-of-plumbness of frame

imperfections;

) o 0. are the member deformations due to loads on the member;
00y 00- are the member deformations due to member initial bow;
Q is the section capacity factor. If ¢ >1, a member fails in design strength

check and if ¢ << 1, the member section can be reduced in size.

It is noted that as the effective length is used to account for the P- A and P- 6 effects,
the above Eq. (1) including both P- A and P- & moments will automatically consider
these effects due to buckling. Thus, the proposed second-order analysis only needs
section check and eliminates the tedious member check.

3. PLASTIC HINGE METHOD

It is necessary to consider inelastic behavior in second-order plastic analysis,
pushover analysis, time history analysis and progressive collapse analysis. The
plasticity models for tracing nonlinear material behavior of beam—column members
have fallen into two categories: distributed plasticity and concentrated plasticity. The
distributed plasticity (also referred to as plastic zone) models can monitor the spread
of yielding both along the member length and throughout its cross-section. This
method is considered to be “exact” solution but rarely adopted in practical
engineering as it consumes huge computer time. The concentrated plasticity (also
referred to as plastic hinge) models assume that the plasticity is lumped only at the
ends of an element, while the portion within the element is assumed to remain elastic
throughout the analysis. The plastic hinge method is much simpler and needs less
computational effort with acceptable accuracy, therefore, it is widely used both in
research and engineering applications.

In this paper, a refined plastic hinge method is implemented by inserting two end
section springs into the curved stability function element Chan and Gu (2000). The
progressive strength and stiffness degradation of the structure can be captured by
properly adjusting the stiffness of section spring. Thus, a simple, accurate and
efficient method for determining the plastic hinge(s) is proposed to account for
material nonlinearity.

The basis of the plastic hinge method is cross-section plastification. Material yielding
is accounted for by zero-length plastic hinges at one or both ends of each element.
Here, two predefined section springs which are used to simulate plastic hinge, will be
set at the two ends of each curved stability function beam-column element Chan and
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Gu (2000) and therefore a new hybrid element (see Figure 4) is formulated. The
internal degrees of freedom can be eliminated by a standard static condense procedure,
and therefore the bending equilibrium equations in an incremental form can be
expressed as,

{AMSI} ) {SSI } Sszl (Ko +52)1 4, SuSoKiy 1 By) }[Aes1:| 2)
AM, S S,K,, 1 B) S, —S2(K, +S,)/ B || AO,
with
K. +S K
ﬁs :‘ 11 sl 12 > 0 (3)
K21 K22 + Ssz

and, S, is the stiffness of section spring, AM, is the incremental nodal, A6, is the
incremental nodal rotations, Kij is the stiffness coefficients of the curved stability
function element.

End Spring

L

Figure 4 Internal Forces of the Curved Element with End Springs

To consider the progressive cross-section yielding, the section spring stiffness S, is
simply defined below to approximate the inelastic behavior of the steel members for
design purpose,

i :@‘Mpr—M‘

M_<M<M 4
N L |]\4_1\4er ( er pr) ( )

where EI is the flexural constant, L is the member length, M is bending moment
due to external forces, and M, and M are the first yield and plastic moments
respectively.
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In computer analysis, the section spring S, is taken as 10" EI/L and 10" EI'/ L
for the elastic case (i.e. M <M ) and the plastic case (i.e. M > M ) respectively. In
case of a force point outside the full yield surface (i.e. M > M ), it should be moved
back onto the surface to avoid the violation of plastic state. In this paper, the path
normal to the yield surface is chosen as the recovery path.

The hysteresis model for steel material used in NIDA (2010) is shown in Figure 5. As
illustrated in the figure, initial yielding occurs at point A when the first yield moment
capacity M,; is attained. On the curve AB, the gradual yielding occurs and the plastic
moment capacity M, is reached at point B. When unloading takes place at point B,
gradual yielding characteristics disappears and the path follows the line BDC in which
the moment at point C is less than the initial yield moment Mei at point D. On
reloading, the path moves along the line CD under the perfectly elastic state and then
follows the curve DE under the partial yielding state. Similarly, under unloading
conditions at point E, the path moves along EFG’H.

M Elastic-perfectly plastic model
} Refined-plastic model

Figure 5 Elastic-Perfectly Plastic & Refined-Plastic Models Employed in NIDA

4. TIME HISTORY ANALYSIS

Many seismic design codes compulsively require a time history analysis (THA) to
evaluate the structural performance. For example, GB50011 (2010) specifies that
buildings in extremely irregular configuration, buildings assigned Seismic Design
Category A, and tall buildings in the height shown in Table 3, a time history analysis
should be performed.
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Seismic Intensity & Site Class Range of Building Height
Intensity 7, Intensity 8 with Site Class I & 11 > 100 m

Intensity 8 with Site Class III & IV > 80 m
Intensity 9 > 60 m
Table 3 Buildings Required Time History Analysis

Unlike modal response spectrum analysis (MRSA) which only gives best estimates of
the peak response and generally ignores the degradation of strength and stiffness
during an earthquake, THA can provide much more exact response predictions within
the framework of the reliability and representativeness of the nonlinear modeling of
the structure.

4.1 Direct Integration for Equation of Motion

The incremental form of the equation of motion can be written as,

[M1{Ad} +[CI{Au} + [ K [{Auf = {AF} (&)

in which {AF'} is equal to -[M]{Aui,}. For simplicity, the “(t)” in acceleration ii(7),
velocity #(¢) and displacement u(¢) is omitted.

Noted that the damping matrix [C] is usually employed as the Rayleigh damping
model given by,

[C]=alM]+D[K] (6)

in which a is mass proportional coefficient, and b is stiffness proportional
coefficient. The two coefficients can be calculated by

4G -4 Ty)

(7 -T7)
(7
,_TLEGT-¢T)
2T} ~T7)

in which 7, and 7, are the first and second natural periods of the structure
respectively, and ¢, and ¢, are the damping ratios corresponding to 7; and 7,
respectively.
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MRSA solves the dynamic equilibrium equation by mode superposition while THA
widely adopts numerical integration method. In NIDA (2010), the popular Newmark

(1959) method is utilized for step-by-step solution of Eq. (5).

Newmark (1959) truncated the Taylor’s series for displacement {«} and velocity {u}

as,

(¥ = i)+ (=) A+ A i)

(Y uy = {uy+ A} + (0.5 = B) (A {liiy + B(Ar) {ii)

®)
€))

where {‘u}, {'u} and {'ii} are the total displacement, velocity and acceleration
vectors at time 7, and Af is time increment. The parameters y and f define the
variation of acceleration over a time step and determine the stability and accuracy
characteristics of the method. Typically, y=0.5 and 1/6< £ <1/4 can provide

stable results.

Using Egs. (8) and (9), the equation of motion Eq. (5) can be finally written as,

(K 1 Aub =[AF,; ]

in which

[Kepl=a[M]+c,[CI+[K]

[F, 1= {' AF} = (e, [M1+ e [CD{ it} — (s [M]+ ¢, [C { i}
with

1 1 1

T3

Y /4 Y
c,=——; c¢.=—=—; ¢, =—("—-DAt
4 ﬂAt 5 ﬂ 6 (2ﬁ )

G =——F3 C=———
P(AY) PAt

2

(10)

(11)

(12)

(13)

After obtaining {'Au} from Eq. (10), the incremental velocity {'Au} and acceleration

{' Aii} can be calculated by

{' Auiy = ¢y {' Au} + ¢ {'u} + ¢ {ii}
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{Aii} = ¢ { Aub + e, {"u} + ¢, {ii} (15)

Further, the total vectors for next time step are updated as

My = {ud+{ Auy
{ay = {ay+ { Aa
iy = {diy+ {' i
{"Fy={F}+{AF}

(16)

For nonlinear dynamic analysis, iterations for solving Eq. (10) are needed for
correction of equilibrium error in which both the displacement and force norms are
used as,

t T (t
—iﬁ“};{tﬁfl}i < TOLERANCE (17)
a7,
t *NT ¢t *
LAF ) L AF ), < TOLERANCE (18)

{I+Al F}[T {I+Al F}l

(T2

in which the subscript i is the number of iterations within a time step, and {'AF"}
is the unbalanced residual force increment vector determined by

{AF ) =" Fy = (MY i+ [CH™ iy +{" R}) (19)

where {"* R} is the resisting force of the complete structure.

Once the conditions given in Egs. (17) and (18) are satisfied, the procedure presented
in Egs. (10-18) is repeated for next time step until the target time is reached or the
structure collapses.

4.2 Selection of Earthquake Wave

It is obvious that the artificial/recorded/simulated waves of ground motion selected
for a time history analysis may significantly affect the outcome. Therefore, seismic
design codes explicitly or implicitly specify some requirements for selecting
earthquake waves when performing a nonlinear dynamic analysis.
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The theoretical background for selection of earthquake wave is generally based on the
three characteristics of ground motion, i.e. peak ground motion, time duration and
frequency content. Peak ground motion, primarily peak ground acceleration (PGA),
influences the vibration amplitude and has been commonly employed to scale
earthquake design spectra and acceleration time histories. Time duration of ground
motion affects the severity of ground shaking. For example, an earthquake with a high
PGA poses a high hazard potential, but if it is sustained for only a short period of time
it is unlikely to inflict significant damage to many types of structures. On the contrary,
an earthquake with a moderate PGA and a long duration can build up damaging
motions in certain types of structures. When the frequency content of the ground
motion is close to the natural frequencies of the structure, the resonant phenomenon,
in which the vibration amplitude of the structure grows significantly, will occur.

From above, the general rules for selection of earthquake waves in GB50011 (2010)
are listed as below.

(1) Minimum Time Duration

The duration of the input wave should be sufficiently long, which is generally taken
as not less than 5 to 10 times of the fundamental period of the structure.

(2) Minimum Number of Waves

GB50011 (2010) specifies that at least 2 sets of recorded strong earthquake waves and
1 set of artificial wave, based on the seismic intensity, design seismic group and site
classification, should be employed.

(3) Minimum Base Shear

The seismic action represented by the input waves should conform, on average, to the
5% damping elastic response spectrum so that the waves used may have the statistical
meaning to some extent. GB50011 (2010) states that when performing an elastic time
history analysis, the base shear obtained from each wave shall not be less than 65% of
that from the response spectrum method, and the average value from all waves shall
not be less than 80% of that from the response spectrum method.
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S. EXAMPLES

5.1 Vogel six-story frame

The two-bay six-story frame subjected to distributed gravity loads and concentrated
lateral loads has been analyzed by Vogel (1985). The frame is assumed to have an
initial out-of-plumb straightness with all the members assumed to possess the ECCS
residual stress distribution (ECCS 1983). The structural layout and the applied loads
of the frame are shown in Figure 6. This frame has been widely used to calibrate
proposed plastic hinge methods of analysis.
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Figure 6 Section Properties and Applied Loads of Vogel Six-story frame

The structure is analyzed by the proposed second-order plastic analysis method
assuming that the vertical and horizontal forces are proportionally applied. Eq. (1) has
been used in many design codes as conservative yield surface of beam-columns but a
more economical yield surface in the paper by Vogel (1985) is adopted here for direct
comparison.

The load-deflection curve of the node at top level is plotted against the results by
Vogel (1985) who used the plastic zone and plastic methods and shown in Figure 7.
The load factor obtained from the proposed plastic hinge method is 1.09 compared
with the maximum load factor 1.11 and 1.12 obtained by plastic zone and plastic
hinge methods (Vogel 1985) respectively. The locations of plastic hinges (marked in
black point) are indicated in Figure 8. From these figures, it can be seen that the
proposed second-order inelastic analysis is of high accuracy against results by others.
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5.2 Seven-Story 2D Steel Frame

A seven-story 2D steel frame shown in Figure 9 is used here for demonstration of
time history analysis by NIDA (2010). The details of the 2D frame are given below.

(a) Geometrical dimensions and section sizes: shown in Figure 9;

(b) The material properties for all members: Young’s modulus E=2.034x10°
MPa, Poisson’s ratio v=0.3, yield strength p,=250 MPa;

(c) Applied static loads: shown in Figure 10;

(d) Boundary conditions: all columns are fixed to foundation and member
connections are rigid;

(e) Mass: 85 812.16 kg at each story (node 5, 8, 11, 14, 17, 20 and 23);
(f) Earthquake wave: the N-S component of the El Centro 1940.

The procedure for performing time history analysis in NIDA (2010) is detailed as
below.

Step 1: Build the structural model. For example, nodal coordinates, material
properties, section properties, applied loads, boundary conditions and so on;

Step 2: Define one or more than one time history functions. User can import a
previous earthquake record as shown in Figure 10.

Step 3: Define the time history analysis case. Generally, user only needs to give a
case name, specifies time steps and input the parameters for calculation of damping as
seen in Figure 11. The default values for Newmark method can be used for many
structures.

Noted that the Newton-Raphson method is used for the nonlinear incremental-
iterative solution when performing a time history analysis in NIDA (2010). In some
cases the structural behaviour may be highly nonlinear and therefore several cycles in
each time step are needed.
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Figure 9 Seven-Story 2D Steel Frame
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Figure 11 Define a Time History Analysis Case in NIDA

Step 4: Define the initial static loads. Besides the earthquake action, other actions
such as dead loads and live loads should be taken into account. Notably, NIDA (2010)
allows for initial member and frame imperfection before applying static loads.

Step 5: View the results and check the structural adequacy after completing the
analysis. The member capacity has been checked at each time step in NIDA (2010).
User needs to check the maximum story and building drift as well as other output
indicating the structural adequacy during the time duration.

The base shear Fx, the displacement Ux of Node 24 calculated from NIDA (2010) are
shown in Figures 12 and 13 respectively against those results from SAP2000 (2009).
For easy comparison, the plastic behaviour does not taken into account in the two sets
of results. Also, as SAP2000 (2009) does not consider initial imperfections which will
also be ignored in this example so that the comparison between NIDA (2010) and
SAP2000 (2009) could be on the same basis. From Figures 12 and 13, it can be seen
that the results from NIDA (2010) agree well with those from SAP2000 (2009) at
every time step in the elastic time response analysis.
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Figure 13 Comparison of Building Drift (Elastic THA)

Further, the inelastic time history analysis is performed by NIDA (2010) for this
example. The plastic hinge model presented in Section 3 will be used here to capture
the plastic behaviour of the beam-column elements.

Before activating the inelastic time history analysis, the PGA of El Centro 1994 is
scaled to 2.0 times for easy observation of plastic hinges. The base shear Fx and the
displacement Ux of Node 24 calculated from NIDA (2010) are shown in Figures 14
and 15 respectively against those results from SAP2000 (2009). From the Figures, it
can be seen that NIDA (2010) can produce the same trend as SAP2000 (2009) with
slight difference in some time steps. The maximum base shear and displacement
responses over the entire time histories are almost the same. The discrepancy between
two sets of results is due to the difference in their plastic hinge models. In this paper,
the progressive cross-section yielding is captured by Eq. (4) while SAP2000 (2009)
does not clearly show the tracing procedure for this effect.
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Figure 16 shows the moment-rotation curve of one of plastic hinges (marked in black
point) formed in the beam during the earthquake analysis. Under the cyclic seismic
action, the indicated end of the beam undergoes loading, unloading and reloading
status. When the plastic hinge is formed and the bending moment is close to the
plastic moment, the stiffness of the section spring is close to zero. When the plastic
hinge is in the unloading status, the stiffness is recovered and the section becomes
elastic. Figure 16 also shows the sequential cross-section yielding response.

This example shows that the proposed second-order plastic analysis method provides
high accuracy in both static and seismic design in a consistent manner.
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5.3 Four-Story 3D Steel Frame

The four-story 3D steel frame shown in Figure 17 is studied here for demonstration of
the influence of irregular layout in plan and in elevation under earthquake attack. The
geometry, section sizes and material properties are shown in Figure 17.

E =205GPa
v =03
py =250 MPa

3.8lm x4 =1524m

Figure 17 Four-Story 3D Steel Frame
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For simplicity, the static loads on steel frame are assumed to be self weight (SW),
dead loads (DL) of 2 kPa and live loads (LL) of 2 kPa at each floor. According to
GB50011 (2010), only half of the live loads need to be considered in the seismic case,
re.,, .OGSW+DL) + 0.5LL. Similarly, the masses of the structural system are taken
from 1.0(SW+DL) + 0.5LL.

There are four earthquake records used as ground motion input, i.e., the El-Centro
1940, the San Fernando 1971, the Loma Prieta 1989 and the Northridge 1994, seen
Figure 18. According to GB50011 (2010), the seismic fortification intensity of Hong
Kong is 7 (0.15g), and the seismic design group is 1. The corresponding maximum
acceleration under rare earthquake for time history analysis is 310 cm/s”. Thus, the
PGA:s of the four earthquake records will be scaled to 310 cm/s” with scale factors of
0.9072, 0.2938, 0.7932 and 0.6158 respectively. The earthquake direction is global X-
axis.
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The elastic acceleration response spectrum curves of the four earthquakes are shown
in Figure 19 compared with those from GB50011 (2010) with the maximum spectral
acceleration of 0.72g and the damping ratio of 0.05.
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Figure 21 Comparison of Building Drift under Four Earthquakes

The base shear Fx and the displacement Ux at the roof level calculated from NIDA
(2010) are shown in Figures 20 and 21 respectively. From the Figures, it can be seen
that the El Centro 1940 and the Northridge 1994 will cause larger responses to the
steel frame. The maximum base shear is about 300 kN both for the El Centro 1940
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and the Northridge 1994 while the maximum base shear is about 160 kN both for the
San Fernando 1971 and the Loma Prieta 1989. The maximum displacements Ux at the
roof level are 0.190 m, 0.102 m, 0.114 m and 0.171 m for the El Centro 1940, the San
Fernando 1971, the Loma Prieta 1989 and the Northridge 1994 respectively.

The plastic hinges formed in the steel structure under the four earthquakes are shown
in Figure 22. It is clearly shown that many plastic hinges are formed in the beams and
columns of the frame when subjected to the El Centro 1940 and the Northridge 1994
while only two plastic hinges are formed for the San Fernando 1971 and the Loma
Prieta 1989. As the steel i1s a high ductility material with good elongation property,
the structure does not collapse under each of these earthquake events. This example
also shows that the irregular layout will cause severe damage to many components of
the structure with corner members loaded to inelastic range.
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Figure 22 Plastic Hinges Formed during Four Earthquakes

Using only the elastic response spectrum analysis in Figure 19, the Loma Prieta 1989
and the Northridge 1994 will cause larger responses to the structure. However, the
results of the time history analysis do not fully agree with this because yielding alter
significantly the response of the structure. In other words, the response spectrum
analysis without consideration of inelastic behavior and time duration cannot always
give “best” estimate of the structural response.
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6. CONCLUSIONS

In this paper, the basic theoretical framework of second-order analysis for
conventional and seismic structural design is briefly introduced and this method has
been extended to performance-based static and seismic design with the consideration
of frame and member buckling and material yielding by plastic hinge approach. The
application of the method covers a wide range of structural forms like steel, steel-
concrete composite, slender trusses dominated by buckling, reinforced concrete
frames controlled by material crushing and a variety of loading scenarios like statics
and seismic load cases. It can also be used for investigation of un-conventional
scenarios like progressive collapse due to local failure in a frame or accidental
removal or damage of some members and structural stability under fire. As the
second-order analysis attempts to model the true structural behavior, it is less
restrictive to the effective length method which is based on elastic buckling at
undeformed geometry. Finally, engineers should be very cautious on use of
appropriate software as many important parameters like modeling of member initial
crookedness by curved element and use of buckling modes as imperfection modes are
not considered by many structural analysis programs, which are then inconsistently
used in nonlinear time-history analysis but not in conventional linear analysis and
design for member sizing.
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ABSTRACT

Seismic hazard in Hong Kong has traditionally been considered as low. As a result,
buildings in Hong Kong have been designed with no seismic provisions. However,
recent studies have consistently indicated that Hong Kong is a region with moderate
seismic risk. There is a need to strengthen the existing structures in Hong Kong for
proper seismic resistance. This paper outlines various practical approaches to assess
or qualify (if not quantify) the seismic resistance of buildings through shaking table
tests, pseudo-dynamic tests and numerical analysis. Various means to mitigate the
seismic risk are demonstrated including the use of damping devices and base isolators
to improve the performance of adjacent buildings in a building group and the use of
high performance ferrocement to strengthen the structural members.
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1. INTRODUCTION

Although the nearest active tectonic plate boundaries is relatively far away from Hong
Kong, Hong Kong has experienced moderate earthquake as far back as 1874 and 1918
when it was a small village at that time. Probably due to historical perception that no
serious damage has ever been caused by earthquakes, structures in Hong Kong can be
designed without any seismic provisions (Lam et al 2002). However, studies by the
Geotechnical Control Office (1991) of the Hong Kong Government, Pun and
Ambrasseys (1992), Scott et al (1994), Lee et al (1996) and Wong et al (1998a, 1998b)
have consistently indicated that Hong Kong is an area with moderate seismic risk.
According to the “Seismic Ground Motion Parameter Zonation Map of China” (GB
18306-2001), the recommended peak ground acceleration of Hong Kong with a return
period of 475 years is 0.15g on rock site. As a major financial centre and one of the
densely populated cities, interruption to critical facilities and business operations in
Hong Kong may have serious social and economical consequences. Among others,
Chan et al (1998), Kuang and Wong (2002), Pam et al (2002), Lam et al (2003) and
Su (2008) have indicated seismic deficiency in the existing structures due to non-
seismic detailing. There is a need to strengthen the existing structures in Hong Kong
for proper seismic resistance.

This paper outlines various practical approaches to assess the seismic resistance of
buildings through shaking table tests, pseudo-dynamic tests and numerical analysis.
Further, means to mitigate the seismic risk are demonstrated including the use of
damping devices and base isolators to improve the performance of adjacent buildings
in a building group and the use of high performance ferrocement to strengthen the
structural members.

2. SEISMIC PERFORMANCE OF BUILDINGS

Most of the buildings in Hong Kong are reinforced concrete structures and can be
grossly separated into three main groups. The first group comprises high-rise
buildings (constructed in or after the 80s and 90s), e.g. over 30 stories. The second
group includes mid-rise buildings with 10 to 12 stories, e.g. buildings once subject to
the height limit of the old Kai Tak Airport. The last group is consisted of low-rise 3-
story blocks, the so-called “New Territories Exempted Buildings” with structural
details specified in Cap 121. Typical structural systems of high-rise and mid-rise
buildings comprise coupled shear walls with transfer systems at lower stories whereas
low-rise buildings are frame structures. In general, structural layouts of buildings in
Hong Kong are asymmetric and incorporate transfer system. These are undesirable
and cause the structure vulnerable to earthquake. It is necessary to assess structural
performance of buildings, for example, by tests and numerical analysis. The following
are some examples relevant Hong Kong.
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2.1  Asymmetric structures

It is necessary to reduce the torsional effect and asymmetric structural layout has to be
avoided as much as possible. Dai et al (2000) examined the torsional effect of a 9-
story asymmetric building model. The model represents a reinforced concrete frame
in 1/6 scale. The model was tested on a shaking table under different levels of
earthquake action. It has been shown that torsional effect is more destructive when the
building is damaged. Dai (2002) conducted shaking table tests on three 1/3 scale
single-story reinforced concrete building models (see Figure 1). The models were
designed according to the local code without seismic provisions. Due to the presence
of asymmetric structural layout, torsion is introduced making the structure vulnerable
to seismic action.

Figure 1: Asymmetric building model Figure 2: 1/20-scale building model

2.2 Transfer plate system

A transfer plate system may cause abrupt change in the lateral stiffness at the transfer,
e.g. from a stiffer shear wall system above to a relatively flexible column-girder
system below. This creates a soft (or weak) story and violates the seismic design
concept of “strong column weak beam” (Aoyama 2001) or concept of capacity design
(Paulay and Priestley 1992).

101



Figure 3: Numerical model (left), damage (in red) predicted by the model (center) and
damage observed from the shaking table tests (right)

Li et al (2006) performed shaking table tests on a 1/20 scale reinforced concrete
building model (see Figure 2). The model represents a reinforced concrete building
with 34 typical floors supported by a 2.7m thick transfer plate sitting over a 3-level
podium. The high-rise building model appeared to have sufficient strength in resisting
a strong earthquake action that could be encountered in Hong Kong. Simulations were
conducted using numerical models (see Figure 3) to identify the extent and locations
of damage.

Pseudo-dynamic tests with substructure techniques were conducted by Li et al (2008).
Figure 4 shows the 1/4 scale test specimen representing the first 2 stories of an 18-
story high-rise building with a transfer plate to simulate the earthquake action.
Performance of upper stories was simulated numerically while conducting the tests.
Columns of the test specimen were strengthened to prevent failure under the pseudo-
dynamic tests. Three types of time-history records were applied, including triangular
waves and El-Centro earthquake record. Finite element model was developed using a
commercial package, ABAQUS version 6.3.1, to verify the experimental results
obtained from the pseudo-dynamic tests, see Figure 5. Based on the experimental
results, it is concluded that the transfer plate may have sufficient strength to resist
possible earthquake action that could be expected in a moderate seismic region, i.e.
16% g of the El-Centro earthquake record. However, there is insufficient seismic
resistance if maximum acceleration of the El-Centro earthquake record is greater than
32% g. The above is subject to the condition that the columns do not collapse at all
levels of earthquake action.
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Figure 5: Finite-element model using ABAQUS.
BASE ISOLATORS

As land is limited in Hong Kong, many mid-rise buildings are erected next to each
other without having any separation. Due to aging problems of existing buildings,
there is a genuine need for redevelopment. However, it is very difficult and almost
impossible to redevelop a group of buildings at the same time (Lam 2009). It is
usually commenced with redevelopment of one building within a building group.
Even so, existing buildings adjacent to the new building could be “protected” by
designing the new building to mitigate the adverse effect due to earthquake action.
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Specifically, the new building is equipped with base-isolators and connected to the
existing buildings by inter-building dampers. To verify the above, numerical studies
were carried out using simplified two-dimensional models.

Dynamic responses of adjacent buildings joined by energy dissipating devices,
including hinged links (Westermo 1989) and dampers, were investigated (e.g. Chau
and Wei 2001). Active and semi-active control devices were proposed to couple the
adjacent buildings in order to reduce the dynamic response (Seto 1994, Yamada et al
1994, Christenson et al 2007). For instance, Kim et al (2006) used visco-elastic
dampers to connect 2 or 3 structures together. Bhaskararao and Jangid (2006) studied
the seismic responses of two adjacent structures connected with friction dampers. Xu
et al (1999) used fluid dampers to connect the adjacent buildings. Efficiency of the
dampers is affected by the ratio of shear stiffness of adjacent buildings and it is
desirable to increase the ratio of shear stiffness as much as possible. Matsagar and
Jangid (2005) recommended the use of base isolators for providing large ratio of shear
stiffness and verified using dampers to connect a 4-storey fixed-base building to a
neighbor 4-storey base-isolated building. Based on the above, we suggest to install
dampers between the adjacent buildings and base-isolators to the new building.

3.1 Structural configuration of the building group and analytical model

Figure 6(a) shows the building group. It comprises three 12-story frames of 36 m
height, namely an existing left frame with fixed base, an existing right frame with
fixed base (collectively “the side frames”), and a new middle frame with base
isolators. Left frame and right frame are 30 m by 30 m on plan and with same
structural arrangement. The middle frame is 30 m by 18 m on plan. The frames are
connected by visco-elastic dampers at each and every floor. Grade C30 concrete is
assumed and Modulus of Elasticity is 30.0 kN/mm”. Floor systems use traditional
beam-slab construction with 200 mm thick two-way slabs. Columns are 0.75 m % 0.75
m and beams are 0.6 m x 0.6 m. Total masses of the left frame, the middle frame and
the right frame are 14,036 ton, 11,959 ton and 14,036 ton respectively.

Two types of base isolators are installed in the middle frame including: plain roller
bearings and lead rubber bearings. For plain roller bearings, coefficient of friction is
around 0.003. Their effect on and contribution to the restoring force is ignored in the
analysis (Fujitani and Saito 2006). Bilinear model is used to simulate the response of
lead rubber bearings. Properties of the lead rubber bearings are defined by 3
parameters (in terms of total contributions per frame): yield force f,=2.5648 MN,
shear stiffness k;=199.2 MN/m when elastic and k,=19.9 MN/m in post-yield region.
Visco-elastic dampers are used as the inter-building connectors. Dampers are modeled
by linear springs and linear dashpots acting in parallel. Properties of the dampers are
to be determined in the analysis that follows.
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Figure 6(a): Elevation and floor plan. Figure 6(b): Simplified analytical model.

Ground motion is assumed to be acting in the direction along the frames such that the
model is simplified to a two dimensional problem. In the analysis, frames are assumed
to behave linear elastic throughout the loading history. Simplified shear model is used
to represent each frame. In the model, masses are assumed to be lumped at each floor
level. Lateral stiffness of each frame is calculated by the D-value method (Cheng et al
2003).

3.2 Equations of motion

Equations of motion of the structural system as shown in Figure 6(b) are developed
based on a two-dimensional formulation (Chopra 2006) in the form of

MX +CX +KX + R, = —Mla (1)

M, C and K are the respective mass matrix, damping matrix, and stiffness matrix of
the system. Rayleigh damping is assumed with damping ratios of the first and second
modes both at 0.03. R, is a vector representing the nonlinear restoring force of the
lead rubber bearings. X, X and X are the respective system vector for displacement,
velocity and acceleration relative to the ground. I and a are unit vector and ground
acceleration vector respectively. Equation (1) is rewritten in incremental form and
solved numerically so as to obtain the response at any time t using the Newmark-3
method.
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3.3 Parametric studies

Three earthquake records are considered: TAF021 component of Kern County 1952
earthquake, [-ELC180 component of Imperial Valley 1940 earthquake and HOL090
component of Northridge 1994 earthquake. Peak ground accelerations of the
earthquake records are scaled to 4 m/s’ representing rarely occurred earthquakes.
Considering the nonlinear properties of the base isolators, small time interval is used
at 1000 time steps per earthquake reading. For Taft earthquake and EI Centro
earthquake (at 100 readings per second), time step At = 0.01/1000 = 1x107 s, and for
Northridge earthquake (at 50 readings per second), time step At = 0.02/1000 = 2x107
.

Figure 7 shows variation of maximum displacement and maximum base shear of the
side frames excited by Taft earthquake against stiffness of inter-building dampers at
different damping of inter-building dampers.
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frames against stiffness of dampers frames against stiffness of dampers

(1) Case of damping larger than critical damping Cesitical = 2x10° kNs/m: If the
stiffness of dampers is larger than 5x10* kN/m, increasing the stiffness of dampers
significantly increases maximum displacement and maximum base shear of the
side frames.

(2) Case of damping less than or equal to critical damping Ceiica = 2%10° kNs/m: If
the stiffness of dampers is larger than 1x10° kN/m, increasing the stiffness of
dampers decreases maximum displacement and maximum base shear. Further
increasing the stiffness of dampers to above 6x10° kN/m increases maximum
displacement and maximum base shear significantly.

(3) Maximum displacement and maximum acceleration occur at the top floor whereas
maximum drift occurs at the second floor.

In general, the above also applies to maximum drift and maximum acceleration.
Based on the above, optimum stiffness ki.q of dampers is 6x10° kN/m. In the same
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way of estimating the critical damping and optimum stiffness of dampers for Taft
earthquake, critical damping and optimum stiffness of dampers when subjected to
different earthquakes can be estimated. Table 1 summarizes the optimum stiffness of
dampers for different earthquakes.

Table 1: Optimum stiffness for different earthquakes

Earthquake Optimum stiffness (kN/m)
Taft 6x10°

El Centro 110"

Northridge 5x10°

Optimum stiffness of dampers applicable to all earthquakes can be estimated by
taking the average of the three optimum values as given in Table 1, i.e. 7x10° kN/m.
When the stiffness of dampers is 7x10° kN/m, variation of maximum displacement
and maximum base shear of the side frames against damping of dampers are shown in

Figure 8. The optimum damping coefficient is recommended to be in the range of
5x10* kNs/m to 7x10* kNs/m.
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Figure 8: Maximum response of the side frames against damping of damper.

3.4 Comparison of base condition

Responses of the frames without dampers and with fixed bases are given in Table 2,
as case (A). The responses are compared with the new building group (with stiffness
and damping of dampers at 7x10°> kN/m and 6x10” kNs/m respectively), as case (B).
Maximum displacement, maximum base shear, maximum drift and maximum
acceleration of the side frames are reduced by around 29% to 46%, 9% to 40%, 17%
to 42% and 13% to 38% respectively (Table 3).

Relative displacements between the left frame and the center frame are computed and
the maximum values are given in Table 4. In the absence of inter-building dampers
and base isolators (case (A) in Table 4), pounding will occur between the frames (for
example, when subjected to Taft earthquake or El Centro Earthquake).
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Table 2: Comparison of middle frame’s response

(A) Without (B) New
damper building group (B)(A)
Maximum base Taft 27.92 5.97 21.4%
shear (MN) El Cegtro 35.26 5.95 16.9%
Northridge 27.32 6.02 22.0%
Maximum drift Taft 0.0291 0.0072 24.9%
(m) El Cer}tro 0.0224 0.0078 34.6%
Northridge 0.0328 0.0083 25.4%
Maximum Taft 7.38 6.33 85.8%
acceleration (m/s?) El Cer}tro 7.65 6.41 83.8%
Northridge 6.84 5.98 87.4%

Table 3: Comparison of side frame’s response

(A) Without (B) New
damper building group (B)(A)
Maximum Taft 225 158 70.3%
displacement El Centro 235 125 53.2%
(mm) Northridge 175 121 69.1%
Maximum base Taft 42.97 39.05 90.9%
shear (MN) El Cegtro 54.33 32.37 59.6%
Northridge 42.09 32.65 77.6%
Maximum drift Taft 0.0248 0.0206 83.0%
(m) El Cer}tro 0.0294 0.0168 57.1%
Northridge 0.0226 0.0171 75.6%
Maximum Taft 10.92 6.75 61.9%
acceleration (m/s?) El Cer}tro 8.11 7.01 86.5%
Northridge 8.90 7.17 80.6%

Table 4: Maximum relative displacements between the side frames and center frame

Earthquake (A) Without damper (mm) | (B) New building group (mm)
Taft 324.4 150.7

El Centro 265.2 128.6

Northridge 184.3 198.9

4. STRENGTHENING OF REINFORCED CONCRETE MEMBERS BY
FERROCEMENT

On the subject of strengthening reinforced concrete members, many methods have
been proposed including, inter alia, steel and concrete jacketing (Ersoy et al 1993);
pre-stressed concrete jacketing (Bracci et al 1995); steel/FRP jacketing (Wu et al
2006); and CFRP jacketing (Harries et al 2006). When applied to buildings, fire rating
has always been a concern making it less desirable to implement the above-mentioned
methods (e.g., Han et al 2006, Tadeu and Branco 2000). As viable alternative,
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ferrocement has good fire resistance compatible to concrete (Williamson and Fisher
1983, Kaushik et al 1996). Other advantages include ease of construction, requiring
no special technique and cost effective.

Ferrocement is defined in ACI 549.1R-93 as “a form of reinforced concrete using
closely spaced multiple layers of mesh and/or small-diameter rods completely
infiltrated with, or encapsulated, in mortar.” It has been successfully applied as an
alternative to strengthen reinforced concrete members (Shah et al 1986, Paramasivam
et al 2000, Kumar and Kumar 2005) and is codified in CECS 242:2008, a technical
specification in China.

High performance ferrocement (“HPF”) is a type of ferrocement with improved
strength-to-weight ratio and increased tensile strength. It has been used to enhance
both ductility and load carrying capacity of columns (Kondraivendhan and Pradhan
2009, Jiang et al 2009, Kim and Choi 2010). Among others, Cao et al (2007) applied
high strength steel wire meshes and polymer mortar to strengthen beam-column joints.

Figures 9 and 10 show the respective sequence of strengthening a reinforced concrete
column and a beam-column joint using ferrocement or HPF. In general, application of
HPF comprises three consecutive steps: (a) proper preparation of surface, (b)
installation of wire meshes and (c) application of rendering material. The following
are the salient points:-

1. Surface of the substrate should be properly prepared to receive the rendering
material. Mechanical scratching, bonding agent, abrasive blasting, shot blasting
and bush hammering are some of the methods to improve roughness of the
substrate. The substrate should be cleaned and free from all fine particles, dust,
oil, grease, rust stains, before application of the rendering material.

2. Wire meshes should be effectively anchored to the substrate by stainless steel
nails. Overlapping of wire meshes should be at lease 100mm or 4 times width of
mesh lattice, whichever the larger.

3. Maximum particle size of the rendering material should not be more than % of
the mesh lattice width. Properly prepared rendering material should be applied
from top to bottom. In any event, sagging/sliding of the rendering material and/or
spreading/belling out effect at the bottom (e.g. caused by self-weight of the
rendering material) should be avoided.

4. Thickness of HPF should be thickness of the rendering material and the
recommended tolerance should be within +£10% thickness of HPF.
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To evaluate the mechanical properties of HPF, the following tests are recommended:
(a) compressive strength of rendering material (ASTM C39/C39M), (b) static
modulus of elasticity of rendering material (ASTM C469-02el), (c) tensile strength of
wire meshes (Naaman 2000), and (d) flexural strength of ferrocement prisms
(Naaman 2000).

Preparation of surface Installation of meshes

Application of rendering material

Figure 9: Sequence of HPF strengthening of columns

.I"

Finisheid

Unstrengthened Prepare surface & Weld  diagonal
specimen Drill hole reinforcements

Apply of bond & Strengthened
rendering material  specimen

Figure 10: Sequence of HPF strengthening of beam-column joints

Install wire mesh

4.1  Strengthening of reinforced concrete columns

Columns designed according to the Code of Practice for Structural Use of Concrete
2004 (“CoP2004”) are usually detailed with high volumetric ratio of transverse
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reinforcement when compared with those designed to the Code of Practice for
Structural Use of Concrete 1987 (“CoP1987”). The substantial increase in volumetric
ratio of transverse reinforcement is primarily due to a reduction in transverse
reinforcement spacing. As a result, load carrying capacity of columns is enhanced due
to confinement action (Richart et al 1928, Balmer 1949, Popovics 1973, Sheikh and
Uzumeri 1980, Ahmad and Shah 1982, Mander 1983, Mander et al 1988 and Li 1994).
To strengthen the columns designed to CoP1987, HPF is used to provide the
necessary confinement. To relate the degree of confinement with properties of HPF, a
test programme was instigated by performing compression tests on 19 full-scale
specimens. The specimens are 350mm diameter and 980mm height using grade
C30/20 concrete. They were tested to failure under axial compression. The test results
were reported in Ho and Lam (2010), (2011).

The specimens are categorized into Group 1 and Group 2 since they were casted from
two batches of concrete (Table 5). Except the two control specimens TCP1 and TCP2,
all specimens are reinforced with 8T25 as main reinforcements (or 4% main
reinforcement ratio). Two types of transverse reinforcement detail are considered,
namely R8@75 with 135° hooks to CoP2004 and R8@300 with 90° hooks as per
recommended by CoP1987. Volumetric ratios of transverse reinforcement (ps) are
0.918% and 0.230% respectively.

6 combinations of HPF with 2 mesh densities and 3 types of rendering materials are
considered. 4 parameters are studied including (i) angle of hooks, (ii) spacing of
transverse reinforcement, (iii) tensile strength of rendering materials and (iv) mesh
densities. Rendering materials include cement-sand screeding, polymer modified
cementitious based repair mortar and epoxy based repair mortar (denoted as “CS”,
“PMC” and “EM” respectively in the tables). Welded square wire mesh (having
12.6mm grids) is used. Measured values of diameter and ultimate strength of wires in
the circumferential direction are 1.14 mm and 548 MPa respectively.

Table 6 lists the peak strengths P and capacity ratio R obtained by all the specimens.
R is defined as peak strength divided by the peak strength of specimen type TB75 in
the same group. For plain concrete specimens with HPF, R is with reference to the
peak strength of plain concrete specimen TPC2. If R is larger than 1, it means that the
specimen has a load carrying capacity comparable to a column designed according to
CoP2004. Figure 11 shows the load-strain plots of all the specimens. The following
are observed:-

1. By comparing the peak strengths of specimens TA300C-1 and TB300C, angle of
hooks (i.e. 90° hooks in specimen TA300C-1 versus 135° hooks in specimen
TB300C) does not have significant influence on the load carrying capacity. As far
as axial load is considered, the use of 90° hooks in lieu of 135° hooks causes
minor effect to the confinement action.
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2. Reinforced concrete specimens (like specimen TA300SD1-2) detailed to CoP1987
and strengthened with HPF can achieve peak strength up to 23.3% higher than that
achieved by reinforced concrete specimens detailed to CoP2004.

3. Improvement in peak strength of specimens TOST1 and TOST3 is 29.8-37.7% and
of specimens TOSD1 and TOSD3 is 50.6-58.7%. Hence, epoxy based rendering
material provides better confinement to enhance the compressive strength of
concrete when compared with polymer modified cementitious based rendering

material.

Test results have shown that HPF strengthening is an effective way to improve the
load carrying capacity of columns. HPF using epoxy based rendering material
provides better confinement due to higher tensile strength (at 3-4 times higher than
polymer modified cementitious based rendering material).

Table 5A: Basic properties of specimens — Group 1

Specimen Transverse reinforcement (hook) ‘ Rendering mortar ‘ Layers of wire mesh
TPC1 Plain concrete
TA300C-1 R8@300 (90°) Nil Nil
TB75C-1 R8@75 (90%) Nil Nil
TB300C R8@300 (135%) Nil Nil
TA300CS3 R8@300 (90" CS 3
TA300SD1-1 R8@300 (90" EM 1
TA300SD3-1 R8@300 (90" EM 3
TA300ST3-1 R8@300 (90" PMC 3
Table 5B: Basic properties of specimens — Group 2
Specimen Transverse reinforcement (hook) | Rendering mortar | Layers of wire mesh
TPC2 Plain concrete
TA300C-2 R8@300 (90" Nil Nil
TB75C-2 R8@75 (90%) Nil Nil
TA300SD1-2 R8@300 (90" EM 1
TA300SD3-2 R8@300 (90°) EM 3
TA300ST1 R8@300 (90°) PMC 1
TA300ST3-2 R8@300 (90°) PMC 3
TOST1 Nil PMC 1
TOST3 Nil PMC 3
TOSDI Nil EM 1
TOSD3 Nil EM 3
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Table 6: Peak strength P and capacity ratio R of specimens

Group 1 Group 2
Specimen P (kN) R Specimen P (kN) R
TPClI 2833.4 - TPC2 3957.7 -
TA300C-1 3632.9 80.2% TA300C-2 47173 85.7%
TB75C-1 4529.8 - TB75C-2 5502.5 -
TB300C 3736.3 82.5% TA300SD1-2 6782.2 123.3%
TA300CS3 4036.7 89.1% TA300SD3-2 6574.1 119.5 %
TA300SD1-1 4765.0 105.2% TA300ST1 5433.8 98.8%
TA300SD3-1 4918.9 108.6% TA300ST3-2 5774.1 104.9 %
TA300ST3-1 4368.5 96.4% TOST1 4003.4 137.7%
TOST3 3774.8 129.8%
TOSDI 4615.8 158.7%
TOSD3 4378.1 150.6%

Axial Load (kN)

TA3D0SD1 2,_./1,& TA3IDOSD3-2
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Figure 11: Load-strain plots of specimens.

4.2  Strengthening of beam-column Joints

Beam-column joint is a key member that affects the overall behavior of buildings
under seismic action. Evidence from previous earthquakes has shown that failure of
beam-column joints may cause the collapse of buildings and that beam-column joints
designed without transverse reinforcement in the joint core (i.e. designed to gravity
action similar to those commonly found in Hong Kong) exhibit poor performance
(Pampanin et al 2002). Concrete jacketing, one of the earliest and common methods,
has been used for strengthening beam-column joints for many years, e.g. Hakuto et al
(2000), Wang and Hsu (2009). The technique has space limitation. Steel jacketing (e.g.
Ghobarah et al 1997) and FRP jacketing (e.g. Ghobarah and Said (2002), Pantelides et
al (2008), Lee et al (2010)) were developed, but it is vulnerable to fire. As a viable
alternative, a method of strengthening beam-column joint using ferrocement jackets
and diagonal reinforcements is proposed (see Figure 12).
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Figure 12: Proposed strengthening scheme for beam-column joints

Firstly, ferrocement is used to replace the concrete cover in the beam-column joint
region. Two layers of wire mesh (see Figure 12) are installed by folded along the
dotted lines and cut along the solid lines. Welded square mesh is used with averaged
wire diameter of 1.45 mm and spacing at 13.23 mm in both directions. Afterwards,
rendering material is applied. Secondly, two diagonal reinforcements of 10 mm
diameter (yield stress at 800 MPa) are installed in the joint and anchored to the main
reinforcements of the beams to reduce the force transferred to the joint.

Two specimens in 2/3 scale representing non-ductile beam-column joints were tested.
Details of specimen are shown in Figure 13. The specimens replicate lower stories of
a building. Specimen C1 is the control specimen without strengthening whereas
specimen S1 is strengthened by ferrocement jackets and diagonal reinforcements.
Ends of the specimens coincide with mid-span and mid-height of the actual frame.
Columns are 2,385mm height and 300mm by 300mm in cross-section. Main
reinforcements comprise 12T16 (or 2.7% main reinforcement ratio). Beams are
2,700mm long and 300mm by 400mm in cross-section. Transverse reinforcements
comprise R8 rectangular ties at 150mm spacing. Same reinforcement ratio (4T16) is
provided as top and bottom reinforcement (or 1.35% main reinforcement ratio).
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Figure 13: Reinforcement detail and test setup
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Test setup is shown in Figure 13. The specimens are tested by a displacement control
multi-purpose testing system with a maximum loading capacity of 10,000kN. The
bottom column is hinged at the base and is allowed to rotate. Both ends of the beam
are supported by rollers and are free to move horizontally but not vertically. Axial
load is applied at the top of the upper column at 0.6fc’Ag and is kept constant
throughout the loading test. Afterwards, cycles of horizontal displacement are applied
from the top of the upper column by displacement control. Displacement ductility
factor p (ratio of actual displacement to yielding displacement) is used to control the
loading cycles. Each loading cycle is repeated twice until the horizontal load dropped
to 85% of its maximum value. Loading routine is shown in Figure 14. It is noted that
high axial load is applied due to the high main reinforcement ratio in the columns.

Modes of failure of both specimens are due to insufficient shear strength in the joint
and buckling of main reinforcement of the columns. Specimen CI1 failed with two
vertical cracks along the main reinforcements of the columns, diagonal cracks in the
joint and flexural cracks in the beams. For specimen S1, delamination of ferrocement
occurred at the joint. Cracks were distributed more uniformly in specimen Sl
demonstrating better crack control.
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Figure 15: Column tip load-displacement relationship

Figure 15 shows horizontal load-displacement relationships obtained from the column
tips. Specimen S1 reaches its ultimate load of 92.4kN (at 23.20mm) and -90.1kN (at -
17.40mm). Specimen C1 reaches its ultimate load of 84.3kN (at 25.4mm) and -
84.7kN (at -25.35mm). Here, positive and negative displacements represent pull and

115



push direction respectively. Ultimate strength is enhanced by 9.6% in the pull
direction and 6.4% in the push direction. Increase in strength is limited due to spalling
of rendering material at early stage of the loading history. As shown in Figure 16,
energy dissipation capacity is enhanced at higher loading stage. In other words, if the
same energy dissipation is required during an earthquake, specimen S1 will have
smaller horizontal displacement as compared with specimen C1. At higher loading,
energy dissipation of specimen S1 is larger than that of specimen C1. Specimen S1
sustains a larger increase in energy dissipation as the horizontal displacement cycle
increases.
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Figure 16: Cumulative energy dissipation at each cycle

Based on the observations and experimental results of two interior beam-column
joints, it can be conclude that seismic performance of interior beam-column joints is
improved by the proposed strengthening method with enhancement on ultimate
strength, energy dissipation, stiffness and drift. Improvement on the proposed
strengthening method will be carried out through using high performance mortar,
applying varying layers of wire mesh and improving the bond behavior between
ferrocement and the joint.

S. CONCLUSIONS

Through the joint efforts by academics and engineers, there is progress, within a short
period of time, to address the issue of earthquake resistant design of buildings in
Hong Kong. Still, there remain many important issues that have not been satisfactorily
solved or have not yet been addressed. For instance, there is an urge to develop and
implement means to strengthen the existing buildings. New technologies currently
available worldwide, including damping devices and high performance materials can
be used to improve the seismic performance of our building stock. By carrying out
shaking table tests on scaled models, pseudo-dynamic tests on key members and
numerical analysis, it is possible to qualify (if not quantify) the performance of
existing buildings when subjected to earthquake action. The paper serves to bring out
a few new options of strengthening for engineers to consider, including the use of
damping devices to improve the performance of adjacent buildings in a building
group and the use of high performance ferrocement to strengthen the structural
members.
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